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Abstract
The precise definition of performance limit states at both the member and
structure levels, considering brittle failure modes, is essential to arrive at reliable
earthquake loss estimation systems for reinforced concrete (RC) buildings. A wide
range of shear failure prediction approaches that account for the impacts of shearaxial interaction and flexural ductility on shear supply are thus assessed analytically
and experimentally in this study, aiming at selecting verified models for the
vulnerability assessment of pre-seismic code and code-conforming RC buildings.
The shear supply models of both columns and shear walls are implemented in a
versatile post-processor to monitor the shear supply-demand response during multistep dynamic simulations. Ten reference structures are adopted to represent pre-code
and modern RC buildings in the highly populated and seismically active areas of the
UAE, which is selected as a case study to represent medium seismicity regions. The
pre-code structures are assessed using a diverse range of far-field and near-source
seismic events, while the vulnerability of code-conforming buildings is investigated
under the effect of horizontal ground motions only (HGMs) as well as both
horizontal and vertical ground motions (HVGMs). Based on the extensive inelastic
dynamic response simulations of the pre-code buildings, it is concluded that the
influence of shear assessment on the performance limit states is more pronounced on
shear wall structures compared with frame buildings, particularly for relatively
medium-rise wall structures. For this class of buildings, the impact of shear response
on the results obtained from both far-field and near-source earthquake scenarios is
observable. For code-conforming structures, the impact of shear assessment on the
performance limit states is more observable under the effect of HVGMs, particularly
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medium-rise wall structures. The results confirmed that the damage probabilities of
both pre-seismic code and modern buildings increase with decreasing the building
height. Therefore, earthquake scenario-structure-based limit state criteria are selected
and used to derive a wide range of fragility relationships for the ten reference
buildings using different earthquake scenarios. The results of the analytical study
reflected the pressing need for confirmatory testing to provide further insights into
the shear response of RC members under cyclic loading and the suitable shear
strength models for the vulnerability assessment. Shake table testing is thus
conducted for shear vulnerable RC specimen representing the framing system of a
substandard building. The specimen is subjected to a far-field earthquake record with
four increasing intensity levels. The shake table test results of the specimen are
compared with those obtained from dynamic response simulations. It is confirmed
from the comprehensive shake table results that the first indication of shear failure is
detected in the columns provided with the higher longitudinal reinforcement ratio at
eight times the design PGA, which is well predicted by the shear strength approaches
adopted in this study. The consistent results obtained from both the shake table
testing and dynamic response simulations verify the adopted limit states and confirm
the reliability of the developed fragility curves in this study for the seismic loss
estimation of the RC building inventory in the UAE.
Keywords: Shear failure, shake table testing, vulnerability assessment, substandard
RC buildings, code-conforming structures, inelastic dynamic simulations, UAE.
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)Title and Abstract (in Arabic

تقييم نماذج التنبؤ بمقاومة القص لتقدير خسائر الزالزل للمباني الخرسانية
الملخص
يعتبر التعريف الدقيق لمعايير تقييم األداء اإلنشائي ) (Performance limit statesعلى مستوى
العناصر والهيكل اإلنشائي كامال ،مع األخذ بعين االعتبار نماذج الفشل الهش ،أمر ضروري للوصول إلى
أنظمة فعالة لتقدير الخسائر المحتملة من الزلزال للمباني الخرسانية المسلحة .وبالتالي فإنه في هذه الدراسة قد تم
تقييم نماذج التنبؤ بفشل القص التي تتضمن التأثير المتبادل بين القص والقوى المحورية وكذلك الممطولية على
مقاومة القص ) (Shear Supplyتحليليا وعمليا ،وذلك الختيار نماذج معتمدة لتقييم أوجه الضعف
) (Vulnerability Assessmentللمباني الخرسانية المسلحة القديمة والحديثة .نماذج مقاومة القص لكل من
األعمدة وجدران القص تم استخدامها بعد المرور بمراحل متعددة الجوانب من المعالجة لمراقبة العالقة بين
مقاومة القص واجهاده ) (Shear supply-demandأثناء المحاكاة الديناميكية متعددة الخطوات .ولقد تم اختيار
عشرة مبان تمثل المنشآت الخرسانية المسلحة القديمة والحديثة في المناطق كثيفة السكان والنشطة زلزاليا بدولة
اإلمارات العربية المتحدة ،والتي تم اختيارها كحالة دراسة لتمثيل المناطق الزلزالية المتوسطة الخطورة .المباني
القديمة تم تقييمها باستخدام زالزل ناشئة عن صدوع قريبة وبعيدة ،بينما تم التحقق من سلوك المباني الحديثة
تحت تأثير حركات أرضية أفقية ،وكذلك حركات أرضية أفقية ورأسية معا .بناء على نتائج محاكاة االستجابة
الديناميكية الغير مرنة للمباني القديمة ،خلصت الدراسة إلى أن تأثير تقييم القص على معايير األداء اإلنشائي هو
أكثر وضوحا على المباني ذات جدران القص مقارنة بالمباني ذات اإلطارات ،وخصوصا للهياكل اإلنشائية ذات
الجدران المتوسطة االرتفاع نسبيا .بالنسبة لهذا النوع من المباني ،فقد تم مالحظة التأثير العالي للقص على
النتائج التي تم الحصول عليها من سيناريوهات الزالزل الناشئة من الصدوع البعيدة والقريبة على حد سواء .أما
بالنسبة للهياكل اإلنشائية الحديثة ،فإن تأثير تقييم القص على معايير األداء هو أكثر وضوحا تحت تأثير
الحركات األرضية األفقية والرأسية ،وخاصة للمباني ذات الجدران متوسطة االرتفاع .كما أكدت النتائج أن
احتماالت تلف المباني القديمة والحديثة تزداد مع انخفاض ارتفاع المبنى .اعتمادا على طبيعة الهياكل اإلنشائية
والسيناريوهات الزلزالية ،فإن معايير تقييم األداء اإلنشائي تم اختيارها واستخدامها الشتقاق مجموعة واسعة من
عالقات الهشاشة ) (Fragility Relationshipsللمباني المرجعية العشرة ،وذلك باستخدام سيناريوهات
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مختلفة من الزالزل .عكست نتائج الدراسة التحليلية الحاجة الملحة الختبار تأكيدي لتقديم مزيد من اإليضاحات
بشأن استجابة القص بالنسبة لألجزاء الخرسانية المسلحة تحت تأثير األحمال الديناميكية ،وكذلك بشأن نماذج
مقاومة القص المناسبة لدراسة أوجه الضعف بالمنشآت .وبالتالي فإنه تم إجراء اختبار باستخدام منصة الزالزل
الهيدروليكية ) (Shake Tableلعينة خرسانية مسلحة ضعيفة بالقص تمثل نظام اإلطار

(Framing

) Systemلمبنى قديم ،وقد تم إخضاع العينة ألربعة مستويات متزايدة الشدة من الحركة الزلزالية الناشئة عن
صدع بعيد .نتائج اختبار العينة على المنصة الهيدروليكية تم مقارنتها مع تلك التي تم الحصول عليها من محكاة
االستجابة الديناميكية ،وتم التأكد من النتائج الواسعة الختبار المنصة الهيدروليكية ارتكازا على نماذج مقاومة
القص التي تم اعتمادها في هذه الدراسة .ولقد أظهرت نتائج االختبارات أن أول مؤشر لفشل القص حدث في
األعمدة المحتوية على نسبة أعلى من التسليح الطولي وذلك عند تعرضها لثمانية أضعاف الزلزال التصميمي.
كما أن النتائج المتطابقة التي تم الحصول عليها من كل من اختبار المنصة الهيدروليكية ومحاكاة االستجابة
الديناميكية تثبت صحة معايير تقييم األداء اإلنشائي وتؤكد موثوقية عالقات الهشاشة التي تم التوصل إليها في
هذا البحث لتقدير خسائر الزالزل للمباني الخرسانية المسلحة في دولة اإلمارات العربية المتحدة.
مفاهيم البحث الرئيسية :فشل القص ،اختبار منصة الزالزل الهيدروليكية ،تقييم أوجه الضعف ،مبان خرسانية
مسلحة قديمة ،هياكل إنشائية حديثة ،محاكاة ديناميكية غير مرنة ،دولة اإلمارات العربية المتحدة.
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Chapter 1: Introduction
1.1 Introduction
Earthquake loss estimation and mitigation have become vital concepts in
seismic regions since they describe the probability of losses that could happen by a
seismic hazard and provide possible mitigation approaches. The vulnerability of the
exposed inventories is the main driving engine to arrive at a reliable loss estimation
model for a region. The realistic definitions of performance criteria and failure
modes, which are the focus of the present study, are essential for assessing the
vulnerability. The performance limit states are defined based on local or global
structural response. For instance, collapse can be described based on an interstory
drift threshold or based on a member failure criterion such as exceeding the ultimate
curvature or shear strength. Previous studies on shear assessment of code-conforming
concrete structures concluded that well-designed buildings are less vulnerable to
brittle shear failure modes, and recommended to extend such studies to investigate
the significance of shear on the vulnerability assessment of substandard buildings
(e.g. Mwafy and Elnashai, 2008).
Shear failure of RC structures implies rapid strength degradation and loss of
energy dissipation capacity. Therefore, monitoring the shear response of RC
structures, particularly substandard buildings and those subjected to complex
loadings, could be inevitable for the accurate assessment of their seismic losses. A
number of vulnerability assessment and seismic hazard studies have been conducted
for the UAE (e.g. Abdalla and Al-Homoud, 2004; Mwafy et al., 2006; AldamaBustos et al., 2009; Mwafy, 2012a; Mwafy et al., 2015a; Mwafy et al., 2015b). None
of the previous studies related to the vulnerability of RC buildings in the UAE
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focused on the significance of shear response on the seismic loss estimation of
substandard buildings with different characteristics. The variations in ductility and
axial forces may have a significant impact on the fluctuation of shear supply in RC
buildings when subjected to increasing levels of ground motions. It is also important
to note that the most realistic approach for assessing the vulnerability of structures
under earthquake loads is through real time shake table testing. This highlights the
significance of verifying the shear strength approaches used for the prediction of
shear failure through realistic shake table testing. The above mentioned brief
introduction reflects the pressing need for efficient approaches that enable tracing
brittle failure modes in RC structures using experimentally verified shear strength
models for the vulnerability assessment of RC structures.
1.2 Scope and Objectives
This study aims at conducting an earthquake vulnerability assessment of a
wide range of shear wall and frame structures which represent substandard buildings
and code-conforming structures in the UAE, taking into consideration the reliable
definitions of performance limit states and the realistic prediction of shear failure
modes. The study also aims at conducting confirmatory shake table testing to provide
further insights regarding the shear response of RC members under dynamic loading
and to support the selection of shear strength models for the vulnerability assessment.
The main objectives of the current study are as follows:
1. Select experimentally verified shear strength models, that account for the
reduction of shear supply with the degradation in concrete strength under cyclic
loading and implement the selected models in a versatile postprocessor to
monitor the shear capacity-demand ratio during inelastic dynamic simulations.
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2. Select reference structures representing substandard and code-conforming
buildings in the UAE and verify their structural design and numerical modeling
for inelastic dynamic simulations.
3. Assess the significance, or otherwise, of shear modeling as a controlling limit
state in seismic loss estimation of substandard and code-conforming structures
with different characteristics under the effect of different seismic scenarios and
ground motion components with increasing the earthquake intensity levels.
4. Conduct confirmatory shaking table testing to select suitable shear strength
models for the prediction of shear failure of RC structures aiming at verifying the
limit states and fragilities developed in this study for buildings with different
characteristics.
1.3 Report Organization
This thesis consists of seven chapters as follows:
Chapter 1 - Introduction: Provides introductory statement, which covers the
topical theme of the thesis along with the significance and objectives.
Chapter 2 - Literature Review: Reviews the seismicity of the UAE and
previous vulnerability assessment studies in the region. More emphasize is placed in
this chapter on different approaches for the shear supply modeling of RC frame and
shear wall buildings under cyclic loading. Previous shaking table tests and dynamic
experiments of RC structural systems and configurations are also reviewed and
summarized.
Chapter 3 - Reference Structures, Design and Modeling: Discusses the
selection of reference buildings that represent pre-seismic code and code-conforming
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RC structures in the UAE. The finite element and fiber-based numerical models of
the reference structures used in design and dynamic response simulations are also
presented along with their verifications.
Chapter 4 - Performance Assessment of Existing Structures: In this chapter,
diverse sets of input ground motions representing different seismic scenarios in the
UAE are employed for the dynamic response simulations of pre-code structures.
Shear supply models are implemented in a postprocessor to monitor the shear failure
modes of the reference substandard structures from inelastic pushover and time
history analyses. Performance limit states are adopted for each building and fragility
relationships are developed and presented in this chapter.
Chapter 5 - Performance Assessment of Code-Conforming Structures under
Multi-Axial Earthquake Loading: Shear capacity and seismic demand of the
reference code-conforming buildings are monitored in this chapter by using inelastic
pushover and time history analyses. Several earthquake records representing the
near-source earthquake scenario in the UAE and considering different combinations
of horizontal and vertical components are employed in this vulnerability assessment.
Performance criteria and fragility analyses of the modern reference buildings are
presented in this chapter.
Chapter 6 - Confirmatory Shaking Table Testing: The description and
preparation of the shake table test specimen, test setup, instrumentation, and
selection of input ground motions are discussed in detail in this chapter. Test results
and comparisons between dynamic response simulations and shake table test results
are also presented.
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Chapter 7 - Summary and Conclusions: Summary of the research, main
conclusions and recommendations for future studies related to the shear performance
and vulnerability assessment of RC structures under the effect of earthquake loading
are presented in this chapter.
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Chapter 2: Literature Review
2.1 Seismic Loss Assessment
Regional earthquake loss estimation describes the probability of losses that
could happen by a seismic hazard to a certain region. In order to develop a realistic
loss assessment model in the UAE, the vulnerability characteristics of classes of the
exposed inventories should be integrated with earthquake hazard and the inventory of
the built environment. The loss assessment components are usually implemented in
seismic loss estimation software so that the earthquake losses can be adequately
predicted (e.g. Hazus, 1999). This enables estimating the physical losses, which can
be translated to monetary loss through a loss model.
2.1.1 Building Inventory
2.1.1.1 Pre-Seismic Code Buildings
The pre-seismic code reinforced concrete (RC) structures represented the
building inventory of the UAE need a focused attention. Although the UAE is
considered a low-to-medium seismicity region as per recent seismic hazard studies
(e.g. Mwafy et al., 2006), pre-code buildings such as those constructed before 1990
were mostly designed to resist gravity and wind loads only. Significant earthquake
losses may happen in the substandard building inventory due to the lack of adequate
seismic provisions. A systematic seismic vulnerability assessment using reliable
performance limit states should be carried out to predict the performance of such
structures under the effect of the earthquake scenarios anticipated at the studied area.
The realistic definitions of performance criteria and brittle failure modes are essential
for assessing the vulnerability of substandard buildings. A summary of some
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previous studies, which recommended assessment procedures and methodologies for
seismic assessment of pre-seismic code RC buildings, are illustrated below.
Ghobarah et al. (1998) assessed the seismic performance of RC buildings
designed with inadequate seismic provisions. The seismic response of the assessed
buildings, which were designed according to the ACI-318 (1963) code, was
compared with those of well-designed buildings. Several non-linear static and
dynamic analyses were performed and the damage was observed when such
buildings were subjected to different levels of ground motions. Different
performance levels were defined for the reference structures in terms of the damage
level. The comparison with current code-designed frames provided information
regarding the expected damage in substandard structures. This study utilized a
systematic approach for the damage assessment of pre-code buildings.
Bruno et al. (2000) conducted a seismic performance of pre-code RC
buildings. Nonlinear pushover and dynamic analyses were conducted. Several
conclusions were drawn, and are summarized as follows: (i) the seismic performance
of pre-code buildings without masonry panels was very poor, and the effective peak
ground acceleration (EPA) corresponding to collapse conditions did not exceed 0.1
g; (ii) the presence of masonry infills reduced the vulnerability level and amplified
the EPA corresponding to collapse to 0.2g; and (iii) concentrated inelastic strain was
noted as a result of insufficient distributed masonry panels. The introduction of shear
walls and dissipative bracings was recommended in this study as a seismic retrofit
solution to upgrade the seismic performance of pre-code buildings.
Ramamoorthy et al. (2006) developed probabilistic demand models and
fragility curves for a 2-story RC frame. Also, fragility curves were developed for the
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same building when retrofitted using column strengthening. The data used for the
development of fragility curves was generated using two dimensional time history
analyses. The allowable limit states were obtained based on FEMA-356 (2000) and
inelastic pushover analysis results. The fragility curves presented the vulnerability of
the studied building under the utilized earthquake scenarios. The performance of the
retrofitted building was significantly enhanced by using the simple column
strengthening technique of RC jacketing.
Assessment of the collapse risk of California’s existing RC frame structures
was conducted by Liel (2008). A performance-based evaluation was used to
investigate the seismic response of the ductile and non-ductile RC buildings. The
archetype structures were framing systems (perimeter and space frames) and varied
in height (from 2 to 12 stories). The structures were designed according to the UBC
(1967) and IBC (2003) building code provisions. Comparison of collapse safety,
economic losses and fatalities among new ductile structures and existing non-ductile
structures illustrated the improvement in building code seismic provisions for RC
over the last 40 years in California. The conclusions of this study regarding nonductile buildings are: (i) the side-sway collapse capacity of non-ductile RC frame
structures tended to decrease with the number of stories, indicating that collapse
safety deteriorated with increasing the building height; (ii) non-ductile perimeter
frames were more vulnerable to side-sway collapse than space frames due to the lack
of strength and stiffness of the former structures; (iii) using more than the minimum
requirement of the UBC (1967) design code in beams and columns (i.e. reduced
spacing of transverse reinforcement) or joints (i.e. provision of transverse
reinforcement in joints), enhanced the collapse capacity.
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Fragility assessment of pre-code buildings in the UAE was developed by Issa
and Mwafy (2014). Five substandard buildings were selected and assessed using
static pushover and incremental dynamic analyses. Forty earthquake records were
utilized in the study to represent the assessed area. This study concluded that the farfield seismic records had higher impacts on the pre-code buildings than the nearsource earthquakes. Hence, the far-field earthquake scenario generated a probability
of exceeding limit states significantly greater than the near-source seismic events.
Finally, the fragility curves were used to predict the vulnerability of the pre-code
buildings in the UAE under the far-field ground motions, which indicated the need
for efficient retrofit methods to mitigate the seismic losses of these classes of
structures.
The seismic assessment studies of pre-code RC structures presented in this
chapter has shown the limitations of some previous studies regarding the assessed
building configurations and heights, and/or the utilized earthquake records, modeling
approaches or limit states. Moreover, although the UAE is considered a low-tomedium seismicity region, few seismic assessment studies were conducted for such
area. Furthermore, the effects of axial force and ductility on the shear response of
substandard buildings in the UAE were not comprehensively conducted in any
previous study. This highlights the significance of the study conducted herein.
2.1.1.2 Modern Multi-Story Buildings with Emphasis on Shear Wall Structures
Different types of structures have been constructed in the UAE during the
past few years, especially in the highly populated seismicity active areas (e.g. Dubai,
Sharjah and Ajman). It is noteworthy that one of the most common lateral force
resisting systems is the structural shear walls, which are extensively used in the
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UAE. For these modern buildings, it is very important to assess their vulnerability
and predict their seismic performance so that any potential earthquake losses can be
predicted. A brief review of previous studies carried out on the assessment of shear
wall structures is presented below.
Laogan and Elnashai (1999) investigated the structural performance and
economics of tall high strength RC buildings in seismic regions. Ten buildings of 24
stories were designed and detailed according to modern seismic codes. Inelastic
static pushover and dynamic analyses were carried out using three earthquake
records at the design and twice the design Peak Ground Acceleration (PGA). The
study concluded that under static loading, high strength concrete structures had
similar load-displacement response to that of normal strength concrete structures.
The level of overstrength in high strength concrete structures, which was calculated
based on static pushover analysis, was less than that of a normal strength concrete
structures. At the global level, there were no indications that a properly designed
high strength structure would behave differently from the normal strength
counterpart. The use of different input ground motions, which were selected and
scaled to fit the code design spectrum, did not have a significant effect on the studied
global response parameter. Finally, the use of high yield steel with high strength
concrete reduced the ductility demand in studied members to about 1.63 and 3.83 at
the design and twice the design earthquake, respectively, compared with normal
strength concrete buildings.
Jeong et al. (2012) conducted a probabilistic seismic assessment of codecompliant multi-story RC buildings. Modern twelve multi-story buildings, varied in
structural system, height, ductility and configuration, were selected. Inelastic fiber-
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based simulation models were developed and used for conducting incremental
dynamic analyses under the effect of sixty natural ground motions records. This
study concluded that satisfactory seismic performance is observed for the frame
structures designed to modern seismic codes. Also, the probabilities of severe
damage states of the wall-frame structures when designed to high levels of PGA and
ductility were significantly higher than those of other buildings.
Hancilar et al. (2014) conducted earthquake vulnerability assessment for
school buildings. Fragility relationships were derived for a 4-story RC shear wall
building. Dynamic response simulations were conducted through the Monte Carlo
approach, which accounted for the uncertainty parameters such as geometric,
material and ground motion excitation. A comparison was presented between the
damage ratios of the reference building and those calculated by Hazus (1999). The
study concluded that taking into consideration the uncertainty in seismic
performance assessment was significant since observable differences were detected
in the seismic losses of the two compared approaches.
Ashri and Mwafy (2014) developed three dimensional vulnerability functions
for contemporary buildings with varying structural systems and heights. Ten
reference structures varying in height from 2 to 100 stories were assessed under 40
natural earthquake records representing two seismic scenarios. A large number of
inelastic pushover analyses and incremental dynamic analyses were conducted and
the seismic performance was monitored at both the global and local levels. The
performance limit states were selected and the vulnerability functions of the
reference buildings were derived. This probabilistic vulnerability assessment study
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concluded that the seismic performance of the modern structural wall systems used
in the UAE is satisfactory.
2.1.2 Seismic Hazard Studies in the UAE
Abdalla and Al-Homoud (2004) conducted a seismic hazard assessment of
UAE based on a probabilistic approach. Seismic zone maps were generated for the
design earthquake in the studied area. The investigated area spanned some countries
with varied tectonic and geologic structures besides various local geotechnical
conditions. The study concluded that the UAE has a moderate to low seismic hazard
level. However, high seismic activities in the north part of the UAE merit special
consideration. For a return period of 475 years, the suggested design PGA on
bedrock varied between 0.05g to 0.1g for the Greater Abu Dhabi area, 0.1g to 0.2g
for Dubai and reaches about 0.2g for Fujairah. The study concluded that the
developed PGA intensity with the expected amplification from local site effects can
cause structural damage to key structures and lifeline systems. Hence, the study
recommended taking earthquake effects into consideration when designing major
structures, and to develop provisions and guidelines for earthquake-resistant design.
Mwafy et al. (2006) studied the significance of severe distant and moderate
close earthquakes on design and behavior of tall buildings in the UAE. According to
the study, a design PGA of 0.16g was assigned to Dubai for a 10% probability of
exceedance in 50 years. A 54-story building was also modeled and analyzed using
inelastic pushover and time history analyses. The study concluded that under the
effect of severe distant earthquakes, the local and global response parameters of the
reference structure were beyond the yield limit state, while they were completely in
the elastic range under the moderate close records. Hence, the significance of
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including sever distant earthquakes in design and assessment of high-rise buildings
was confirmed. This study reflected the need for considering the severe distant
seismic scenario for the design and assessment of structures in this region.
Malkawi et al. (2007) assessed the seismic hazard in the UAE. The results
obtained from this study indicated that the UAE is located in a region of low to
moderate seismic activities, while the seismicity increases towards the northeast. The
northern part of the UAE is the most active part due to its location near the causative
sources of earthquakes, and hence it requires special care in engineering design. The
recommended design PGA ranged from a PGA of 0.0g for 475 years return period
(50 years life time and 10% probability of exceedance) in southwest region to a PGA
of 0.35g for 3000 years return period in the northeast region. The estimated
maximum regional earthquake magnitude was 8.7±0.54, which is a very high value
with a low probability. However, if it occurs in the study region it may cause a
significant effect even if the hypocenter is at distance.
Aldama-Bustos et al. (2009) performed a probabilistic seismic hazard
analysis for rock sites in the cities of Abu Dhabi, Dubai and Ras Al Khaymah. A
logic-tree framework was adopted to account for the uncertainties in the used models
for seismic sources and ground-motion prediction. The results supported the
conclusions of several previous studies, notable that the hazard level in the UAE is
almost low unlike that in the northerly areas such as Ras Al Khaymah. The hazard
calculations and disaggregation presented in this study demonstrated that the hazard
is dominated by the local seismicity, especially at longer return periods. It is
noteworthy that the study did not consider the effect of surface soil deposits, which
could amplify long-period motions generated by large-magnitude, distant earthquake
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in the Zagros and Makran regions. Therefore, the high-rise structures in Dubai could
be affected significantly. The study concluded that the results should not be treated
as definitive for the seismic design considerations without accounting for the local
soil impacts.
Khan et al. (2013) conducted probabilistic seismic hazard analysis and
proposed spectral accelerations for the UAE. The conducted analyses were based on
updated homogenized earthquake catalogue, modified source model and next
generation attenuation equations. The results of this study indicated slightly larger
values of PGA and spectral accelerations compared to some recently published
studies. It was concluded that the seismic activities in Arabian Craton contributed
mostly to the hazard in most southern part of the UAE. The contribution of other
sources such as Zagros and Oman Mountains increased as one moves to the North.
The western part of the country was dominated by seismicity from Zagros, whereas
the east was affected by the seismicity from Oman Mountains. The hazard in the
northern parts of UAE was influenced equally by the seismicity of Zagros and Oman
Mountains. Strong earthquakes occurring at long distance were the most likely
scenario for the southern region of the UAE. The influence of medium to strong
earthquakes occurring at shorter distance increased as one moved to the north of the
UAE.
Al Khatibi et al. (2014) presented the Dubai Municipality Seismic Network
which was installed in 2006. This system provided valuable data for characterizing
seismicity and earthquake faulting in the UAE and northern Oman. This network
detected and located small earthquakes that could not be seen on global networks and
thus represented a major advancement to characterize seismic hazard in the region.
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This study divided the UAE local events to three major clusters: (i) Northern
Huwaylat, (ii) East of Masafi and (iii) Wadi Nazwas. The recorded earthquakes in
this research reflected the low to moderate seismicity of the UAE. The study did not
recommend design PGAs for the UAE.
2.1.3 Earthquake Vulnerability Assessment of Structures
2.1.3.1 Vulnerability Relationships
The vulnerability assessment of buildings is an important tool for the
prediction of losses from earthquake events. In order to conduct a seismic
performance assessment, comprehensive fragility analysis should be carried out to
determine the level of physical damage. Fragility curves represent the probability of
exceeding damage states at different ground motion intensity levels. The
vulnerability functions can be integrated into a loss estimation system to provide
predictions of earthquake losses. In the present study, the input ground motions are
scaled using a Ground Motion Intensity (GMI). The following expression for
deriving the fragility relationships is adopted in the present study (Wen et al., 2004):

𝑃(𝐿𝑆|𝐺𝑀𝐼) = 1- Φ(λCL -λD|GMI /(√β2D|GMI +β2CL +β2M ))

(2.1)

where:


P(LS|GMI) is the probability of exceeding a limit state given the GMI such as
PGA or spectral acceleration,



Φ: is the standard normal cumulative distribution function,



λCL: ln (median of drift capacity for a particular limit state),
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λD|GMI: ln (calculated median demand drift given the ground motion intensity
from the ﬁtted power law equation),



βD|GMI: demand uncertainty = √ln (1+s2 ) , where s2 is the standard error of the
demand drift data,



βCL: is drift capacity uncertainty, and



βM: is modeling uncertainty.
The variability and uncertainty related to capacity and demand are accounted

for using the fragility curves. Such uncertainty is due to: (i) characteristics of the
structural system; (ii) analytical modeling; (iii) analysis method; (iv) material
properties; (v) performance criteria; and (vi) input ground motions (Wen et al.,
2004). Based on previous studies, the effect of the above-mentioned uncertainties
could be accounted for by focusing on the parameters that have the most important
impacts on the response of structures. The most significant parameter is the input
ground motion (e.g. Kwon and Elnashai, 2006), while other parameters have less
influence on the response of the vulnerability relationships.
Seismic scenario-based limit state criteria, which quantify the level of
damage in the structures based on the seismic demand characteristics and their
effects on structural response, were also discussed in previous vulnerability
assessment studies (e.g. Alwaeli et al., 2014; Ashri and Mwafy, 2014). Three
performance limit state criteria were adopted in several previous studies for fragility
analysis, namely immediate occupancy (IO), life safety (LS) and collapse prevention
(CP). The IO limit state defines a minor damage state in which the building remains
safe to occupy and any needed repairs are minor. The LS limit state represents a
significant damage sustained by the building, while the structure still has some

17
reserve capacity. The CP limit state represents a significant state of damage in which
the building is on the verge of structural collapse (e.g. Jeong et al. 2012).
2.1.3.2 Previous Vulnerability Assessment Studies related to the UAE
Abu-Dagga et al. (2010) conducted a seismic fragility assessment for
different building types in Sharjah, UAE. Three classifications were adopted for the
building inventory in Sharjah, namely the usage, heights and structural systems.
Thirteen representative buildings were selected and elastic time history analyses
were conducted using a commercial software. Seismic fragility curves were derived
for the selected buildings. This study concluded that low-rise buildings would be
responsible of more than half of the total human and structural losses in Sharjah. This
is due to the following: (i) the low-rise buildings were not designed to resist any
lateral load; and (ii) the periods of these buildings match the period of the ground
motions used in the study. The study recommended conducting detailed vulnerability
assessment for Sharjah because the conducted study had some limitations related to
the small selected area and the simple modeling approach of the reference structures.
Mwafy (2012a) analytically derived fragility relationships for the modern
high-rise buildings in the UAE. Six reference buildings varying in height from 10 to
60 stories were selected and designed. Using a verified analysis platform, inelastic
fiber-based simulation models were developed for the reference buildings and a large
number of inelastic pushover and incremental dynamic analyses were carried out.
The selection and scaling of twenty input ground motions representing long (Set 1)
and short (Set 2) source-to-site distance earthquake scenarios anticipated in the study
area were discussed. Limit state criteria for deriving fragility curves were selected
based on the mapping of local and global response from inelastic pushover and
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incremental dynamic analyses. The measured seismic response from a large number
of incremental dynamic analyses was related to ground motion intensity through a
reliable statistical model to derive the fragility curves of the reference structures.
The inconsistencies between the vulnerability relationships obtained from the
two seismic scenarios employed in the later study were quite significant for all
buildings. The probability of exceeding various limit states under the effect of the Set
1 earthquake scenario compared with Set 2 was much higher and the slopes were
steeper. These were attributed to the high spectral amplification and effective
duration of the Set 1 ground motions, which amplify the most significant modes of
vibration of high-rise buildings. Under the effect of both Set 1 and Set 2 events, limit
states were exceeded at higher ground motion intensities for taller buildings, which
implied that earthquakes have higher impact on low-rise buildings. This study
confirmed the vulnerability of a wide range of high-rise buildings to the sever distant
seismic scenario expected in the earthquake-prone areas of the UAE. The study
recommended extending the vulnerability assessment to focus on other structural
systems used in the UAE.
Al Shamsi (2013) conducted a seismic risk assessment of buildings in Dubai,
UAE, which was divided to sectors based on usage, distribution of buildings and
population. Five reference structures, ranging from 2 to 16 stories, representing the
building stock of Dubai were modeled. Forty-four earthquake records representing
far-field events were selected and scaled to a target spectrum representing the local
seismicity. Incremental dynamic analyses were carried out and fragility curves were
developed for each of the selected structures. Performance limit states were adopted
from the ASCE/SEI-41 (2007) standards. The performance of each building was
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evaluated at three levels of hazard, namely: (i) the Maximum Considered Earthquake
level (MCE); (ii) the design level, which corresponds to two-thirds of the MCE level;
and (iii) twice the MCE level. The study indicated that the probability of exceeding
the CP limit state of the reference structures was below 20% at the design and MCE
levels. The incremental dynamic analyses indicated that the shorter buildings
exhibited better performance compared to the taller ones. The seismic risk maps
illustrated that the estimated number of fatalities at the MCE level was low, and that
economic and human losses were higher in the commercial zone. Finally, there were
no major concerns regarding the vulnerability of the considered representative
buildings in Dubai.
It is clear from the above-mentioned brief review that more research is
needed to reliably assess the seismic vulnerability of buildings in the UAE,
considering different building characteristics and reliable definition of limit state
criteria.
2.2 Assessment of Shear Strength for Refining Performance Limit States
Shear failure of RC structures implies rapid strength degradation and loss of
energy dissipation capacity. Therefore, monitoring the shear response of RC
structures, particularly substandard buildings, could be inevitable for the accurate
assessment of their seismic losses. This reflects the pressing need for efficient
approaches that enable tracing brittle shear failure modes in RC structures using
experimentally verified shear strength models. The shear prediction models that have
experimentally proven to account for the impacts of shear-axial interaction and
ductility on shear strength are reviewed hereafter with an emphasis on RC columns
and shear walls, due to their significance on the overall structural response.
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2.2.1 Shear Strength Models of Columns
Priestley et al. (1994) investigated the seismic shear strength of circular and
rectangular RC columns. A simple method was proposed whereby the strength
enhancement provided by axial compression was separated from the concrete
component of shear strength. The proposed shear strength model (Vn) consisted of
three independent components, as follows:
𝑉𝑛 = 𝑉𝑐 + 𝑉𝑝 + 𝑉𝑠

(2.2)
2.1)

The concrete component (Vc), which changes depending on the level of
displacement ductility (Figure 2.1), is given by:
𝑉𝑐 = 𝑘 √𝑓𝑐′ 𝐴𝑒

(2.3)

where:
k = a factor that accounts for the effect of flexural ductility on concrete shear
capacity,
fc’ = compressive cylinder strength of concrete, and
Ae = effective shear area.

Figure 2.1: Degradation of concrete shear strength with ductility (Priestley et al.,
1994)
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The axial-load component (Vp), which increases as the aspect ratio (shearspan-to-depth ratio) decreases, is given by:
𝑉𝑝 = 𝑃 tan 𝛼 =

𝐷−𝐶
𝑃
2𝑎

(2.4)

where:
P = axial load acting on the member,
α = inclination of diagonal compression strut with the member axis,
D = the overall depth or diameter,
a = M/V, ratio of moment to shear at critical section, and
C = compression-zone depth.
The

truss-mechanism

component

(Vs)

depends

on

the

transverse

reinforcement content. For rectangular columns, Vs is given by Eqn. (2.5). The angle
between the compression diagonals (i.e. crack pattern) and the column axis is
recommended to be 30 degrees.
𝑉𝑠 =

𝐴𝑣 𝑓𝑦ℎ 𝐷′
cot 300
𝑆

where:
Av = total transverse reinforcement area per layer,
fyh = yield strength of transverse reinforcement,
D’ = core diameter measured to the centerline of transverse reinforcement, and
S = spacing of transverse reinforcement along member axis.

(2.5)

22
An extensive database of column tests was compared with the proposed shear
strength model. Good correlation was observed regarding the influence of flexural
ductility, axial load and aspect ratio, with a mean value of measured to predicted
shear strength of 1.021. The proposed shear strength approach provided improved
prediction of shear strength compared with alternative methods. Such research did
not indicate the effect of the tensile force on the shear strength under the cyclic
loading.
Sezen and Moehle (2004) proposed another shear strength model for lightly
reinforced RC columns. The contributions from concrete and transverse
reinforcement were included in the proposed shear strength equation. The primary
parameters in the shear strength model were the column cross-sectional dimensions,
concrete compressive strength, column aspect ratio, axial load and displacement
ductility demand. The following equation shows the proposed model, which includes
the factor k to account for ductility-related strength degradation:

𝑉𝑛 = 𝑉𝑠 + 𝑉𝑐 = 𝑘

0.5 √𝑓 ′ 𝑐
𝐴𝑣 𝑓𝑦 𝑑
𝑃
+𝑘(
) 0.8𝐴𝑔
√1 +
𝑎
𝑆
0.5 √𝑓′𝑐 𝐴𝑔
𝑑

(2.6)

where:
Vn = nominal shear strength,
Vs = nominal shear strength provided by transverse reinforcement,
Vc = nominal shear strength provided by concrete,
k = factor related to the effect of displacement ductility on the concrete or transverse
reinforcement capacity values,
fy = transverse reinforcement yield strength,
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d = distance from the extreme compression fiber to center of tension reinforcement
(section depth),
a = shear span (distance from maximum moment section to point of inflection), and
Ag = gross area of the cross section.
For the concrete contribution, the proposed model by Sezen and Moehle
(2004) considered the diagonal tension capacity since the diagonal tension failure
seems more likely a controlling mechanism. The concrete strength increases as long
as the aspect ratio or shear span to depth ratio (a/d) decreases. Moreover, as the
transverse reinforcement component, Vs, increases the shear strength increases
linearly. The cracking angle of shear failure was recommended to be 45 degrees. The
effect of displacement ductility, which was defined as the ratio of the ultimate
displacement to yield displacement, appeared in both concrete and transverse
reinforcement components. The concrete damage is likely to cause a loss of
anchorage of the transverse reinforcement, and therefore to some degradation in
shear resistance. Similarly, degradation of the concrete leads to a reduction in the
bond capacity of longitudinal reinforcement and transverse reinforcement, and hence
the truss mechanism strength is reduced. The proposed displacement ductility
demand is illustrated in Figure 2.2. This study concluded that the results of the
experimental tests and design approach were correlated well with the proposed shear
strength model.
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Figure 2.2: Shear strength degradation with displacement ductility Sezen and Moehle
(2004)
Bentz et al. (2006) proposed the simplified modified compression field theory
(SMCFT) for detecting shear strength of RC elements. Shear strength of such theory
was predicted based on the modified compression field theory (Vecchio and Collins,
1986) which was developed as a result of over 100 pure shear tests. The SMCFT
shear strength of any element was a function of two parameters, namely the
inclination of the diagonal compressive stresses in the web (θ) and a factor that
accounts for tensile stresses in cracked concrete (β). Both parameters depend on the
longitudinal strain of the web (ԑx). The proposed model consisted of the concrete
component (vc) and reinforcement component (vs), and given by:
𝑣 = 𝑣𝑐 + 𝑣𝑠 = 𝛽 √𝑓 ′ 𝑐 + 𝜌𝑧 𝑓𝑦 cot 𝜃

(2.7)

0.4
1300
.
1 + 1500𝜀𝑥 1000 + 𝑆𝑥𝑒

(2.8)

𝛽=

𝜃 = (29° + 7000𝜀𝑥 ) (0.88 +
where:
ρ = ratio of the stirrup area to the web area,

𝑆𝑥𝑒
) ≤ 75°
2500

(2.9)
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Sxe = crack spacing,
ԑx = longitudinal straining of the web,
β = factor that accounts for tensile stresses in cracked concrete, and
θ = inclination of the diagonal compressive stresses in the web.
A quick and simple equations for the parameters β and θ were developed
based on MCFT (Vecchio and Collins, 1986). The proposed method provided good
predictions of shear strength. The average ratio of experimental-to-predicted shear
strength of SMCFT was 1.11, while the coefficient of variation was 13.0%.
Howser et al. (2010) investigated the seismic interaction of flexural ductility
and shear capacity in normal strength concrete and proposed a new relationship
between them. The analytical study was conducted for RC bridge piers using a
nonlinear finite element program. Figure 2.3 shows that the slope of the proposed
model begins at a ductility of two, while the stopping point varies depending on the
stirrup ratio until a limit of stirrups ratio of approximately one percent, as shown in
the following equations:
𝑞 = −144ρt + 5.3

𝑓𝑜𝑟 ρt ≤ 0.01

(2.10)

𝑞 = 3.85

𝑓𝑜𝑟 𝜌𝑡 > 0.01

(2.11)

where:
q = flexural ductility at the point where the slope changes to zero, and
ρt = stirrup ratio.
The ductility at which the slope of the line changed varies rather than being
presented at a constant ductility, as given by the following equations:
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𝑟 = −13300𝜌𝑡2 + 242𝜌𝑡 + 2.8

𝑓𝑜𝑟 𝜌𝑡 ≤ 0.01

(2.12)

𝑟 = 3.85

𝑓𝑜𝑟 𝜌𝑡 > 0.01

(2.13)

where:
r = flexural ductility at a longitudinal steel ratio of 2%, and
ρt = stirrup ratio
The following equations show the proposed ductility demand by Howser et al.
(2010):
𝑘 = 0.29

𝑓𝑜𝑟 𝜇 < 2.0

(2.14)

𝑘 = 0.29 − 0.12(𝜇 − 2)

𝑓𝑜𝑟 2.0 ≤ 𝜇 < 𝑟

(2.15)

𝑘 = 0.53 − 0.095𝑟 − 0.025𝜇

𝑓𝑜𝑟 𝑟 ≤ 𝜇 < 𝑞

(2.16)

𝑘 = 0.53 − 0.095𝑟 − 0.025𝑞

𝑓𝑜𝑟 𝜇 > 𝑞

(2.17)

where:
k = a factor that accounts for flexural ductility, and
µ = flexural ductility.

Figure 2.3: Ductility and shear relationships with trend lines for small stirrup ratios
(Howser et al., 2010)
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Howser et al. (2010) proposed that the shear strength (Vn) consists of three
components, namely concrete contribution (Vc), axial load contribution (Vp) and steel
contribution (Vs), thus:
𝑉𝑛 = 𝑉𝑐 + 𝑉𝑝 + 𝑉𝑠

(2.18)

𝑉𝑐 = 𝑘√𝑓′𝑐 𝐴𝑒

(2.19)

𝐷−𝑐
𝑃
2𝑎

(2.20)

𝑉𝑝 =

𝑉𝑠 = (3300𝜌𝑡3 − 115𝜌𝑡2 + 1.2𝜌𝑡 )𝑏𝑤 𝑓𝑦ℎ (𝑑 − 𝑐)cot(𝜃)

(2.21)

where:
bw = width of the web,
fyh = yield strength of the transverse steel, and
θ = angle of principal shear crack to column axis, assumed to be 30 degrees.
Howser et al. (2010) concluded that the proposed shear strength model which,
followed the Priestley et al. (1994) approach, accurately predicted the relationship
between flexural ductility and shear strength when normal strength concrete was
used with various sizes, configuration and steel ratios of rectangular columns.
Kim et al. (2012) investigated the concrete contribution to initial shear
strength of RC hollow bridge columns. Seven large-scale RC rectangular hollow
column specimens were tested under monotonic or cyclic lateral loading. The most
significant design parameter was the column length-to-depth aspect ratio (l/h),
ranging between 1.5 and 3.0. The proposed initial shear strength, Vc, of RC hollow
columns from the concrete contribution was given by:
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𝑉𝑐 = (𝛼)0.5 √𝑓 ′ 𝑐 √1 +

𝛼 = 1 − 0.22

𝑙
ℎ

𝛼 = 0.34

𝑃
0.5√𝑓 ′ 𝑐 𝐴𝑔

𝑓𝑜𝑟

𝑓𝑜𝑟

(0.8𝐴𝑔 )

𝑙
≤3
ℎ

𝑙
≥3
ℎ

(2.22)

(2.23)
(2.24)

where:
α = effect of aspect ratio,
l = column length, and
h = column depth.
The study concluded that the specimen with a higher column aspect ratio
showed smaller stiffness after the initiation of diagonal cracking, and ultimately
reached a lower maximum load. The shear strength of RC hollow columns associated
more with the gross section area than the web area. ACI-318 (2008) gave quite
conservative design shear strength for specimens with an aspect ratio smaller than 2,
while it could not be conservative when high ductility demand (more than 4) was
expected, especially for columns with large aspect ratios. The model of Sezen and
Moehle (2004) presented better shear strength than other models.
The design code approach provided by ACI-318 (2014) for shear strength
accounts for the concrete (Vc) and shear reinforcement (Vs) components. For
members subject to axial compression and shear reinforcement perpendicular to the
axis of the member, Vc and Vs are given by:
𝑉𝑐 = 0.17(1 +

𝑁𝑢
)𝜆√𝑓′𝑐 𝑏𝑤 𝑑
14𝐴𝑔

(2.25)
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𝑉s =

Av fy d
s

(2.26)

where:
Nu = factored axial force normal to cross section, and
λ = modification factor reflecting the reduced mechanical properties of lightweight
concrete, assumed to be 1 for normal weight concrete.
The code approach is considered in the present study as a conservative shear
strength model compared with other shear supply approaches since it is intended
mainly for design. The cracking angle is considered to be 45 degrees, which reduces
the shear strength by about 70% compared with that suggested by Priestley et al.
(1994) (i.e. cot 45o = 1.0, while cot 30o = 1.7).
2.2.2 Shear Strength Models of Walls
Priestley (1997) recommended to use the shear strength model proposed by
Priestley et al. (1994) to perform seismic assessment of existing RC shear wall
buildings. The shear strength is assessed by using the same equations of Priestley et
al. (1994), which were discussed in section 2.2.1. The correlation between the
predicted and measured shear strength of shear walls using such model suggests to
use this approach in seismic assessment.
Wallace (2010) presented a nominal shear strength of walls (Vn) based on the
ACI-318 (2008) strength model for special shear walls. The variation of the
parameter αc based on the height-to-length ratio (hw/lw) accounted for the observed
strength increase for walls with low aspect ratios. The shear strength influenced by
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the flexure ductility, as shown in Figure 2.4, and hence the median shear strength of
walls with limited ductility was multiplied by 1.5, as follows:
𝑉𝑡𝑒𝑠𝑡 = 1.5 𝑉𝑛,𝐴𝐶𝐼

(2.27)

𝑉𝑛,𝐴𝐶𝐼 = 𝐴𝑐𝑣 (𝛼𝑐 √𝑓 ′ 𝑐 + 𝜌𝑡 𝑓𝑦 )

(2.28)

where:
αc = 3.0

for hw/lw ≤ 1.5

αc = 2.0

for hw/lw ≥ 2.0, and

Acv = cross-sectional web area.

Figure 2.4: Wall shear strength as impacted by flexural ductility (Wallace,
2010)
Krolicki et al. (2011) proposed shear strength model for RC walls subjected
to cyclic loading based on the model of Kowalsky and Priestley (2000). The
proposed shear strength model improved the accuracy of calculating pre-emptive
shear and flexure-shear strength, indentified the mode of failure, and predicted the
ultimate displacement ductility. The proposed shear strength model included three
components, namely the horizontal reinforcement truss mechanism (Vs), concrete
shear resisting mechanism (Vc) and axial load component (Vp). For the Vs component,
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the proposed average cracking angle (θcr) increases as the shear span ratio decreases
as shown in Figure 2.5. The shear span ratio was defined as the moment-to-shear
ratio divided by the member depth or the length parallel to shear (M/Vlw), and hence,
it is based on the seismic demand (shear and moment). If the shear span ratio is
greater than or equal to 2.0, θcr will develop at 30 degrees. If the shear span ratio is
less than 2.0, the cracking angle varies linearly to 45 degrees. The vertical height of
the inclined crack (hcr) was described as the height of the diagonal tension failure of
walls (Paulay and Priestley, 1992). The proposed shear contribution of horizontal
reinforcement crossing the inclined crack was given by:
𝑉𝑠 = 𝜌𝑡 . 𝑡𝑤 . ℎ𝑐𝑟 . 𝑓𝑦 =
ℎ𝑐𝑟 =

𝐴𝑣 𝑓𝑦 ℎ𝑐𝑟
𝑆

𝑙′
≤ ℎ𝑤
tan 𝜃𝑐𝑟

𝑙 ′ = 𝑙𝑤 − 𝑐 − 𝑐𝑜
𝜃𝑐𝑟 = (

30 − 45
𝑀
)(
) + 45 ≥ 30°
2
𝑉. 𝑙𝑤

where:
ρt = ratio of horizontal reinforcement over the gross cross-sectional area,
tw = web width,
hcr = vertical height of inclined crack,
θcr = average cracking angle,
l’ = horizontal projection of the crack length,
c = depth of compression zone, assumed to be 0.2lw, and
co = cover depth.

(2.29)

(2.30)
(2.31)
(2.32)

32

Figure 2.5: Height of vertical cracking for walls of varying shear span ratio (Krolicki
et al., 2011)
Moreover, the component Vc was controlled by a number of parameters. The
effective shear area was estimated as 80% of the gross area of the wall web (Acv).
The proposed shear degradation coefficient (γp) was a function of displacement
ductility. Figure 2.6 shows the proposed displacement ductility factor compared with
the Kowalsky and Priestley (2000) model (i.e. University of California San Diego,
UCSD). The impacts of shear displacement and shear cracking became increasingly
prominent with the reduction in the shear span ratio. Therefore, it is less likely that
section with low shear span ratio would reach high displacement ductility before the
shear failure occurs. The proposed member shear span ratio coefficient (αp) linearly
increased for wall shear span ratio less than 2.0, as shown in Figure 2.7. The
coefficient β accounts for the increase in shear resistance proportional to increasing
the volumetric ratio of longitudinal reinforcement. The contribution of concrete to
the shear resistance was calculated as:
𝑉𝑐 = 𝛼𝑝 . 𝛽. 𝛾𝑝 √𝑓 ′ 𝑐 . (0.8𝐴𝑐𝑣 )
𝛼𝑝 = 3 −

𝑀
≥ 1.0
𝑉𝑙𝑤

𝛽 = 0.5 + 20𝜌𝑔 ≤ 1.0

(2.33)

(2.34)
(2.35)
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𝛾𝑝 = 0.29 𝑀𝑃𝑎

𝑓𝑜𝑟 𝑙𝑜𝑤 𝑑𝑢𝑐𝑡𝑖𝑙𝑖𝑡𝑦𝜇∆ ≤ 2.0

(2.36)

𝛾𝑝 = 0.05 𝑀𝑃𝑎

𝑓𝑜𝑟 ℎ𝑖𝑔ℎ 𝑑𝑢𝑐𝑡𝑖𝑙𝑖𝑡𝑦𝜇∆ ≥ 6.0

(2.37)

where:
αp = shear span coefficient,
γp = shear degradation coefficient,
Acv = effective gross area,
ρg = ratio of total longitudinal reinforcement over the gross cross-sectional area, and
µ∆ = displacement ductility.
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Figure 2.6: Displacement ductility factor (γp) as proposed by Krolicki et al. (2011)

Figure 2.7: Shear span ratio coefficient (αp) as proposed by Krolicki et al. (2011)
Finally, the Vp component enhanced the shear strength with increasing the
axial compression. The axial load component was based on the simplified
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assumption of a linear compression strut (Priestley et al., 1996). The horizontal
component of compression strut resists the applied shear force, and hence the axial
load contribution to shear resistance was given by:
𝑉𝑝 = 𝑃. tan 𝜉

(2.38)

For cantilever wall that are loaded in single curvature, Vp was given by:
𝑉𝑝 =

𝑙𝑤 − 𝑐
𝑙𝑤 − 𝑐
𝑃=
𝑃
2𝑀/𝑉
2ℎ𝑤

(2.39)

For walls loaded in double curvature, Vp was given by:
𝑉𝑝 =

𝑙𝑤 − 𝑐
𝑙𝑤 − 𝑐
𝑃=
𝑃
2𝑀/𝑉
ℎ𝑤

(2.40)

where:
hw = height of wall.
The study concluded that a significant improvement was observed in
calculating the primary components contributing to shear resistance. Hence, this
shear strength model was recommended for the calculation of the shear strength of
RC walls including those with low shear span ratios.
The design shear strength recommended by ACI-318 (2014) for the RC walls
accounts for the concrete contribution in addition to the reinforcing steel
contribution. The upper limit of the concrete contribution of walls subjected to axial
compression and the steel component are given by:

𝑉𝑐 = 0.17𝜆√𝑓 ′ 𝑐 ℎ𝑑
𝑉s =

𝐴𝑣 𝑓𝑦 𝑑
𝑠

(2.41)

(2.42)
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where:
d = distance from extreme compression fiber to centroid of longitudinal tension
reinforcement, assumed to be 0.8lw.
It is noteworthy that the ACI code imposes an upper limit for the shear
strength, which is 0.83 √𝑓𝑐′ ℎ𝑑. This upper limit is used in the present study to
compare with the shear prediction models, as discussed in Chapters 4 and 5.
The results of the shear strength models adopted by design codes vary
significantly. For instance, the truss mechanism term in the U.S. design practice
(ACI-318, 2008) assumes a conservative angle in determining the diagonal
compression. This is unlike other codes such as the Eurocode 2 (CEN, 2004), which
permits the use of a less conservative angle for evaluating the contribution of shear
reinforcement to shear capacity. The remaining shear resistance terms are based on
experimental results, and thus treated by design code using different approaches.
Most of the codified shear strength models cannot be effectively utilized to predict
shear failure in loss assessment techniques since they are intended to provide a
conservative and safe lower bound to shear strength. The study conducted by
NCHRP (2005) concluded that Eurocode 2 (CEN, 2004) is less successful in
predicting the shear capacity, while the ACI approach (ACI-318, 2011) was about
40% greater than the least overall COV. The NCHRP (2005) study confirmed that
the shear design approaches are over conservative for loss estimation analysis.
From the brief review of previous studies, it has been confirmed that the code
approach does not provide a consistent estimate of the shear strength at various levels
of ductility. For low ductility levels, the code shear models were excessively
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conservative, while they were non-conservative at high ductility levels. Furthermore,
some of the code models were developed for static loads, and hence do not account
for important features under earthquake loads such as the interaction between shear
strength and the instantaneous level of ductility. To overcome the above-mentioned
shortcomings, the reviewed herein shear strength models were implemented in a
postprocessor to enable predicting the shear strength and accounting for the impact
of flexural ductility on shear supply, particularly in plastic hinge regions, using
various approaches proposed in the literature. The design code approach was also
used to compare its shear strength with that proposed by other researchers.
2.3 Previous Shake Table Tests
The experimental studies of structural elements and systems are crucial for
understanding the dynamic response of structures under earthquake loads. Since the
UAE is considered as low-to-moderate seismicity area and an earthquake prone
region, shake table tests are important to provide better understanding regarding the
response of buildings under expected earthquake events. Such tests are conducted to
directly simulate the seismic excitations and realistically monitor the dynamic
response

of

structures.

Previous

experimental

research

and

earthquake

reconnaissance indicated that shaking table testing is one the best approaches for
evaluating the vulnerability of existing structures (e.g. Panagiotou et al., 2007; Shin,
2007; Elwood and Moehle, 2008). Such testing can help to validate the guidelines for
the seismic design of RC structures and to overcome the drawbacks in some code
approaches.
Inoue et al. (2000) conducted shaking table tests of RC frames designed under
the old seismic design regulations in Japan (i.e. before 1971). Dynamic and static

37
tests were conducted and compared for the poorly transverse reinforced specimen.
The specimen consisted of one-span and one-story at the second floor of five-story
RC building, as shown in Figure 2.8. The applied mass was 220 ton which
represented the inertia of total weight of five-story building and was supported on
rubber bearing as presented in Figure 2.9. The study concluded that a significant
shear failure in columns was detected from the dynamic test with bond split failure,
while the mode of failure of the static test was shear failure only, as illustrated in
Figure 2.10.

Figure 2.8: Dimensions of RC specimen and arrangement of steel bars (Inoue et al.,
2000)

Figure 2.9: Schematic experimental facility system used by Inoue et al. (2000)
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Dynamic test

Static test

Figure 2.10: Damage situations of the specimens tested by Inoue et
al. (2000)
Ghannoum (2007) conducted an experimental and analytical dynamic
collapse study of an RC frame with light transverse reinforcement. The specimen
consisted of three-bay, three-story, one third-scale RC frame, as illustrated in Figure
2.11. The specimen included two non-ductile columns (on axes A and B) and two
ductile columns (on axes C and D). The response of the frame was found to be
sensitive to input ground motion and varying from no yielding of longitudinal steel to
total collapse. It was noted that flexure-shear-critical column B1 suffered significant
loss of lateral resistance and gravity load support. The non-ductile column A1
experienced shear failure, but without too much axial load degradation.
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Figure 2.11: Specimen details of Ghannoum (2007)
Panagiotou et al. (2007) conducted shake table testing of 7-story full scale RC
structural wall building slice, as shown in Figure 2.12. The test was performed to
investigate the seismic response of RC wall system designed for lateral forces
obtained from a displacement-based design methodology. The test was conducted
using the large high-performance outdoor shake table at the Englekirk Structural
Research Center, University of California, San Diego. The web wall provided lateral
force resistance, while the two transverse walls provided transverse and torsional
resistance to the tested structure. The instrumentations included accelerometers,
displacement transducers, strain gages and pressure transducer, and GPS devices to
measure the lateral displacement. The phase I of the experiment investigated the
response of the web cantilever wall configuration to different levels of input ground
motions. This study concluded that the dynamic effects observed in the response of
the building system could increase shear force demand in individual walls. These
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effects should be considered in design of walls to reduce the probability of shear
failure.

Figure 2.12: View of test specimen (Panagiotou et al., 2007)
Shin (2007) investigated the dynamic response of ductile and non-ductile RC
columns. Shaking table tests were conducted to study the vulnerability of RC
columns to strength degradation, and hence shear and axial failure. Twelve
specimens were tested, each one consisted of two one-third scale columns
interconnected with a rigid beam. The columns were either ductile columns, nonductile columns, or a combination of both. Figure 2.13 shows a comparison between
the reinforcing steel details of ductile and non-ductile columns, which indicates that
the difference appears clearly in the spacing of transverse reinforcement. The test
setup included the RC tested columns, rigid steel beam, out-of-plane bracing/steel
frames, steel support frame, steel columns subsidiary lead weight/mass and
pneumatic jack system. Figure 2.14 presents the elevation of the specimens loaded
with the mass. The research concluded that the response of non-ductile columns
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subjected to the Chile input ground motion (far-field record) showed predominantly
cyclic strength degradation. Specimens subjected to the Kobe input ground motion
(near-field record) had essentially monotonic shear failure with predominantly incycle strength degradation. For the monotonic shear failure, the initiation of axial
failure occurred after shear failure.

a) Non-ductile RC column

b) Ductile RC column

Figure 2.13: Ductile and non-ductile columns details (Shin, 2007)

Figure 2.14: Shaking table test setup (Shin, 2007)
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Elwood and Moehle (2008) investigated the shear and axial load failure of
RC columns under dynamic loads. Shake table tests were conducted to examine the
behavior of two half-scale one-story frames with axial load representative of those
expected for the lower story of a multi-story building. A unidirectional earthquake
excitation was applied at the base. Two specimens consisted of three columns for
each one, that were fixed at their base and were connected by beam at the upper
level, as shown in Figure 2.15. The transverse reinforcement of the center column
had a wide spacing making it susceptible to shear failure, which is followed by axial
load failure. First specimen supported a mass of 31,000 kg, which consisted of lead
weights, while second specimen supported same mass in addition to using a
pneumatic jack to increase the axial load on the center column. The specimens were
installed on force transducer to monitor axial load, shear and moment. In order to
prevent the out-of-plane movement, a bracing system (pantograph) supported the
specimens. Many instrumentations were used in the test to measure needed
parameters such as global vertical and horizontal displacements, accelerations and
strain. The study concluded that the specimen with lower axial load failed in shear,
but maintained most of its axial load. The shear failure of the center column of the
test specimen with higher axial load was observed at lower drifts and subsequent by
axial load failure.

Figure 2.15: Shaking table test specimen (Elwood and Moehle, 2008)
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Wu et al. (2009) carried out shaking table tests to investigate the collapse of
non-ductile concrete frames. The tested specimen consisted of a single story,
representing the school buildings in Taiwan. The specimen included four columns
with two non-ductile columns (C1, C2) and two ductile columns (C3, C4), as shown
in Figure 2.16. The non-ductile columns had less transverse reinforcement ratio with
wide spacing compared with ductile columns. A supporting steel frame with
frictionless sliders was installed on the shaking table to prevent unfavorable out-ofplane movement of the specimen. A safety frame was installed outside the table and
was equipped with cables to catch the specimen when global collapse occurred.
Strong beam connected the columns and supported the weights of lead ballast. The
instrumentations of the test were load cells, accelerometers, Temposonics II linear
displacement transducers (LDT), strain gauges and digital image-based displacement
measurement system. The research concluded that the non-ductile columns sustained
shear and axial failure. As those columns failed, vertical loads were redistributed to
the more ductile columns, in which leaded to columns overloading and global
collapse of the frame.

Figure 2.16: Reinforcement details of specimen frame (Wu et al., 2009)
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Carrea (2010) conducted a shaking table test of a full-scale bridge RC column
at the University of California – San Diego (UCSD) using the Network for
Earthquake Engineering Simulation (NEES) Large High Performance Outdoor Shake
table (LHPOST). The experiment aimed to validate or improve the current design
practice under earthquake excitation. The column diameter and length were 1.22 m
and 7.31 m, respectively, as illustrated in Figure 2.17. The inertia forces were
generated by a massive 2322.3 kN RC block, and was supported at the top of the
column. Safety steel frame was installed around the specimen to limit the transverse
and torsional displacements of the specimen and consisted of four steel-truss towers,
as presented in Figure 2.18. The instrumentations of the test included strain gauges,
linear and string potentiometers, accelerometer and GPS to measure deformations.
The research concluded that a maximum drift ratio of 8.69% was sustained by the
specimen before collapse. This drift ratio corresponds to a displacement ductility of
7.06, which was about twice as big as the one allowed by specifications. The damage
was observed in a concentrated plastic region of the base of the column, as shown in
Figure 2.19. The shear capacity maintained during the test and the behavior of the
column was dominated by flexure. Transverse hoops yielded but did not fracture and
the concrete core remained largely intact. The test indicated that a satisfactory and
safe results was achieved compared with the design practices, and the specimen was
able to sustain much larger displacement demands before reaching collapse.
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Figure 2.17: Column details (Carrea, 2010)

Figure 2.18: Test specimen (Carrea, 2010)
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Figure 2.19: East face of the column base at the end of testing (Carrea, 2010)
Wu et al. (2010) monitored the dynamic collapse of RC columns using
shaking table tests. The study focused on the column failure modes such as shear,
flexure-shear and flexure failure modes. The test specimens were a single-story shear
frame containing two columns interconnected at the top with a rigid beam. A steel
frame was used with bracing to prevent the out-of-plane movement. A pair of
parallel steel protective beams ran underneath the mega concrete beam to catch the
concrete in case of collapse. The representative mass was applied using heavy mega
beam and lead packets. The instrumentations of the test were load cells,
accelerometers, temposonics II and string pot linear displacement transducers (LDT),
strain gauges and digital image-based displacement measurement system. The
experimental setup of the specimens on the shake table is shown in Figure 2.20. The
study concluded that the columns with wide spacing of transverse reinforcement
exhibited shear and axial failure, while columns with closely spacing transverse
reinforcement experienced flexure failure.

47

Figure 2.20: Experimental setup of specimens frame on the shake table (Wu et al.,
2010)
Ghorbanirenani et al. (2011) conducted shake table testing of slender RC
shear walls subjected to Eastern North America seismic ground motions. The test
included two identical 1:0.429 scaled ductile RC shear wall specimens representing
an 8-story building, as depicted in Figure 2.21. The study investigated the inelastic
response and interaction of shear-flexure-axial loads in plastic hinge zones of walls.
At each story level, the seismic weight tributary to the wall studied was simulated by
horizontal steel plates (500 kN), which were supported on independent steel columns
resting on the strong floor beside the shaking table, as shown in Figure 2.22. The
steel plates were connected to the specimen by rigid arms, while the steel columns
were mounted on low-friction roller bearings. The instrumentations used in the tests
were accelerometers, load cells and displacement transducers. The cracking at the
base was affected by shear and flexure, as illustrated in Figure 2.23, whereas only
flexure cracks were observed at the sixth level. The experimental test confirmed that
slender shear walls subjected to high-frequency ground motions can experience an
inelastic flexure response in the upper part and dynamic amplification of horizontal
shear forces at the base.
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Figure 2.21: Model wall dimensions and steel reinforcement tested by
Ghorbanirenani et al. (2011) (dimensions are in mm)

Figure 2.22: Test specimen on the shake table and seismic weight system
Ghorbanirenani et al. (2011)

Figure 2.23: Crack patterns in wall at the base level as reported by Ghorbanirenani et
al. (2011)
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Yavari (2011) conducted shaking table tests to study the response of RC
frames with non-seismic detailing. The tested frames had light transverse
reinforcement in the columns and lack of details required for ductile post-yield
behavior under earthquake effects. The tested specimens were four 1:2.25 scale, twobay-two story structure representing a six-story hospital building in Taiwan. Three of
the specimen columns contained non-seismically detailed columns. Details of
specimens are shown in Figure 2.24. Two steel frames were installed on both sides of
the specimens to prevent the out-of-plane movement and to catch specimen after
collapse with rigid transverse steel beams, as presented in Figure 2.25. The
specimens were loaded in three ways, namely gravity load on beams, and inertialmass system and pre-stressed axial load on columns by hydraulic cylinders. The
representative mass was simulated using steel and lead weights. The instrumentations
consisted of load cells, displacement transducers, accelerometers and strain gauges.
Comparisons of the results from specimens Moderate Axial Load Confined Joints
Flexure-Shear columns (MCFS) and High Axial Confined joints Flexure-Shear
columns (HCFS) revealed the influence of axial load on shear and axial behavior of
flexure-shear-critical columns, while Moderate Axial load Unconfined Joints
Flexure-Shear columns (MUFs) and Moderate Axial Load Unconfined Joints
Flexure-Shear columns (MUF) demonstrated the effects of unconfined joints on the
overall behavior of frames. The study concluded that the behavior of the specimens
depended on the axial stress on the columns. Shear and axial failure were recorded in
specimen MCFS in all first-story columns at the base. Combination of shear and
axial failure and formation of plastic hinges caused the collapse of specimen HCFS,
as shown in Figure 2.26. However, all first-story joints in specimens MUF and
MUFS developed shear failure in addition to shear and axial failure of second-story
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columns of specimen MUFS (Figure 2.27). The probability of collapse due to failure
of unconfined joints was lower than collapse due to failure of non-ductile columns.

Figure 2.24: Cross-section and reinforcement details of test specimens (Yavari,
2011)
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Figure 2.25: Lateral supporting system (Yavari, 2011)

MCFS

HCFS

Figure 2.26: Comparison of failure modes between specimens MCFS and HCFS
(Yavari, 2011)

MUF

MUFS

Figure 2.27: Comparison of failure modes between specimens MUF and MUFS
(Yavari, 2011)
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Carrillo and Alcocer (2012) conducted a study of the seismic performance of
RC walls for housing, which were subjected to shaking table excitations. A six RC
walls were tested under shaking table, and their displacement and shear strength
capacities were investigated. The main variables of the selected walls were the wall
geometry (solid walls and walls with openings), type of concrete, web steel
reinforcement ratio and type of reinforcement. The specimen was scaled using the
simple law of similitude, while the geometry scale factor was 1.25. Two types of web
reinforcement (deformed bars and welded-wire mesh) and concrete (normal-weight
and light-weight) were used in the tested specimens. Details of the test specimens are
shown in Figure 2.28. The mass (lead ingots) was installed on an external device
beside the shaking table and was connected with the specimen using steel beams, as
shown in Figure 2.29. The instruments of the test were strain gages; displacement,
acceleration and load transducers; and an optical displacement measurement system
with Light Emitting Diodes (LEDs). For specimens reinforced with welded-wire
mesh, a diagonal tension failure was observed, since a plastic yielding of most of
shear reinforcement developed, as illustrated in Figure 2.30. However, for specimens
reinforced with deformed bars, a mixed failure of diagonal tension and compression
were observed, as shown in Figure 2.31. The research concluded that the limitation
of wire mesh elongation capacity in walls led to a brittle failure mode. Hence, for the
design purposes, the ultimate drift capacity should be considered equal to drift
capacity at peak shear strength. It was recommended that the welded-wire mesh
should has strain within the elastic range of behavior.
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Figure 2.28: Geometry and reinforcement layout of specimens (Carrillo and Alcocer,
2012)

Loading
beam

Figure 2.29: Test setup for walls with openings (Carrillo and Alcocer, 2012)
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Figure 2.30: Final cracks patterns of web welded-wire mesh walls (Carrillo and
Alcocer, 2012)

Figure 2.31: Final cracks patterns of web deformed bars walls (Carrillo and Alcocer,
2012)
Palermo et al. (2014) predicted a preliminary interpretation of shaking table
response of a full-scale 3-story building composed of thin RC sandwich walls
(Figure 2.32). The walls had low reinforcement ratios, as presented in Figure 2.33.
The instrumentations consisted of accelerometers, potentiometers to monitor the
relative displacements between shaking table and foundation, strain gages, cameras,
linear variable differential transformers (LVDTs) and optical monitoring system. The
study concluded that the shear strength at first cracking of the tested panels should be
a possible explanation of the partially-unexpected over-strength.
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Figure 2.32: Three-story specimen tested by Palermo et al. (2014)

Figure 2.33: The typical connection between the wall and the foundation (Palermo et
al., 2014)
Based on the literature review presented in this chapter, a database is
collected to summarize the wide range of dynamic testing. The database includes the
main details of each test such as the dimensions, material prosperities and other
information related to the tested specimens, as presented in Table 2.1. All reviewed
experiments were conducted for RC columns, either rectangular or hollow columns.
The dynamic tests were carried out under the effect of monotonic or cyclic lateral
loading (i.e. quasi-static) or using shaking tables.
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Table 2.1: Database of previous dynamic tests
Specimen ID

Reference

b
(mm)

d
(mm)

a
(mm)

s
(mm)

ρl
(%)

ρt
(%)

f yl
(MPa)

f yt
(MPa)

f c'
(MPa)

p
(kN)



Vtest
(kN)

372

Kokusho
(1964)

200

170

500

100

1.0

0.31

524

352

19.9

156

4.12

74

200

170

500

100

2.0

0.31

524

352

20.4

156

2.78

88

200

170

500

100

3.0

0.31

359

317

21.9

392

2.53

110

200

170

500

100

4.0

0.31

359

317

21.9

392

2.32

110

200

180

600

100

2.0

0.28

462

324

17.7

156

2.51

71

207

200

180

400

100

2.0

0.28

324

17.7

156

1.60

106

208

200

180

400

100

2.0

0.28

462

324

17.7

2.99

135

214

200

180

600

200

2.0

0.14

462

324

17.7

1.73

83

220

200

180

400

120

1.0

0.11

379

648

32.9

7.83

78

231

200

180

400

100

1.0

0.13

324

524

14.8

156

8.42

51

232

200

180

400

100

1.0

0.13

324

524

13.1

156

6.40

58

233

200

180

400

100

1.0

0.13

372

524

13.9

156

4.50

69

234

200

180

400

100

1.0

0.13

372

524

13.1

156

5.33

67

200

173

500

100

2.0

0.28

434

558

19.6

78

4.13

74

44

200

173

500

100

2.0

0.28

434

558

19.6

78

2.56

77

45

200

173

500

100

2.0

0.28

434

558

19.6

156

1.74

82

46

200

173

500

100

2.0

0.28

434

558

19.6

156

1.26

81

373
452

Kokusho and
Fukuhara
(1965)

454
205

43

Umemura and
Endo (1970)

Hirosawa
(1973)

462

392
392
156
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Table 2.1 (Cont’d): Database of previous dynamic tests
b
(mm)

d
(mm)

a
(mm)

s
(mm)

ρl
(%)

ρt
(%)

f yl
(MPa)

f yt
(MPa)

f c'
(MPa)

p
(kN)



Vtest
(kN)

62

200

173

500

100

2.0

0.28

348

476

19.6

78

5.96

58

63

200

173

500

100

2.0

0.28

348

476

19.6

156

4.00

69

64

200

173

500

100

2.0

0.28

348

476

19.6

156

4.82

69

152

254

876

127

2.4

0.33

496

344

34.7

189

4.19

96

40.033

152

254

876

127

2.4

0.33

496

344

33.6

178

3.62

97

25.033

152

254

876

127

2.4

0.33

344

33.6

111

2.65

87

00.033

152

254

876

127

2.4

0.33

496

344

32.0

0

3.67

81

40.048

152

254

876

89

2.4

0.48

496

344

26.1

178

3.38

95

00.048

152

254

876

89

2.4

0.48

496

344

25.9

0

2.45

86

200

175

400

50

2.0

0.57

376

322

32.1

183

1.74

102

200

175

400

50

2.7

0.57

377

322

183

2.42

111

350

305

1,000

150

3.3

0.30

430

470

43.6

3.12

275

U2

350

305

1,000

150

3.3

0.30

453

470

30.2

600

2.87

270

U3

350

305

1,000

75

3.3

0.60

430

470

34.8

600

2.81

268

400

375

1,000

120

2.4

0.47

581

382

29.0

464

4.00

328

U-8

400

375

1,000

120

2.4

0.52

581

382

33.5

1,072

2.50

393

U-9

400

375

1,000

120

2.4

0.57

581

382

34.1

1,637

4.00

430

Specimen ID

40.033a

2D16RS

Reference

Wight and
Sozen (1975)

Ohue et al.
(1985)

4D13RS
U1

U-7

Saatcioglu and
Ozcebe (1989)

Li et al. (1995)

496

29.9

0

57
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Table 2.1 (Cont’d): Database of previous dynamic tests
Specimen ID

Reference

b
(mm)

d
(mm)

a
(mm)

s
(mm)

ρl
(%)

ρt
(%)

f yl
(MPa)

f yt
(MPa)

f c'
(MPa)

p
(kN)



Vtest
(kN)

H-2-1 / 5

Esaki (1996)

200

175

400

50

2.5

0.52

363

370

23.0

161

4.94

103

HT-2-1 / 5

200

175

400

75

2.5

0.52

363

370

20.2

161

4.32

102

H-2-1 / 3

200

175

400

40

2.5

0.65

363

370

23.0

269

4.50

121

HT-2-1 / 3

200

175

400

60

2.5

0.65

363

370

20.2

236

4.16

112

457

381

1,473

457

3.0

0.10

335

400

25.6

503

1.58

271

3SLH18

457

381

1,473

457

3.0

0.10

400

25.6

503

1.69

267

2CLH18

457

381

1,473

457

2.0

0.10

335

400

33.1

503

4.17

240

2SLH18

457

381

1,473

457

2.0

0.10

335

400

33.1

503

2.65

231

2CMH18

457

381

1,473

457

2.0

0.10

335

400

25.7

1,512

1.94

316

3CMH18

457

381

1,473

457

3.0

0.10

335

400

27.6

1,512

2.14

338

3CMD12

457

381

1,473

305

3.0

0.17

335

400

27.6

1,512

2.50

356

3SMD12

457

381

1,473

305

3.0

0.17

335

400

25.7

1,512

2.73

378

3CLH18

Lynn et al.
(1996)

335

BR-S1

Yalcin (1997)

550

482

1,485

300

2.0

0.10

445

425

45.0

1,800

2.88

578

LD12

Sezen (2002)

457

394

1,473

305

2.5

0.17

447

469

21.1

667

2.88

315

2CHD12

457

394

1,473

305

2.5

0.17

447

469

21.1

2,669

1.29

359

2CVD12

457

394

1,473

305

2.5

0.17

447

469

20.9

2,224

2.72

301

2CLD12M

457

394

1,473

305

2.5

0.17

447

469

21.8

667

3.14

294
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Table 2.1 (Cont’d): Database of previous dynamic tests
s
(mm)

ρl
(%)

ρt
(%)

f yl
(MPa)

737

152

2.5

0.18

479

200

737

152

2.5

0.18

479

718

24.5

1500

1350

3500

200

1.7

0.24

460

343

600

860

450

-

0.018

-

340

H40A2.0

600

860

600

-

0.018

-

340

H40A2.5

600

860

750

-

0.018

-

H40A3.0

600

860

900

-

0.018

-

H60A1.5

600

860

450

-

0.027

H40A1.5WF1.8

600

860

450

-

H40A2.0C

600

860

600

-

Specimen ID

Reference

b
(mm)

d
(mm)

a
(mm)

Specimen1

Elwood and
Moehle (2008)

230

200

230

Specimen2
PI2
H40A1.5

Howser et al.
(2010)
Kim et al.
(2012)

p
(kN)



Vtest
(kN)

128

5

70

303

5

90

32

3600

3.52

2700

-

24.6

620

3.5

525

-

24.6

464

3.6

445

-

24.6

371

3.1

341

340

-

24.6

310

2.6

259

-

340

-

24.6

619

3.5

337

0.018

-

340

-

24.6

616

3.5

522

0.018

-

340

-

24.6

470

2

368

340

f yt
(MPa)
718

f c'
(MPa)
24.5

b: Column width; d: Section depth; a: Shear span; s: Transverse reinforcement spacing; ρl: Longitudinal reinforcement ratio; ρt: Transverse
reinforcement ratio; fyl: Longitudinal reinforcement yield strength; fyt: Transverse reinforcement yield strength; fc’: Compressive strength of
concrete; P: Axial load; µ: Displacement ductility and Vtest: Experimental shear strength.
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The above-mentioned literature review reflected the importance of shaking
table tests in investigating the response of structures under earthquake loads. The
previous studies investigated the dynamic behavior of vertical RC structural
members with different details and configurations (i.e. frames, single columns and
shear walls). The performance assessment of substandard structures located in active
seismic regions were studied and their failure modes were identified. The
comparison between ductile and non-ductile structures led to impose modifications
on the design code approaches to improve their seismic performance. It is
noteworthy that no shaking table tests were conducted in the UAE to evaluate the
seismic response of pre-code structures, especially those constructed using local
design and construction practices. Such experiments are highly needed in the UAE to
support vulnerability assessment studies and to estimate seismic losses of the
buildings stock in the UAE. In addition, shaking table tests could be used for welldesigned structures, which were built to resist seismic forces, to ensure that they have
sufficient lateral deformation capacity. The aim of the shaking table experiment
conducted in this work is thus to compare the performance of test specimen which
represents an existing building in the UAE with those obtained from dynamic
response simulations. This provides further insights into the shear response of RC
members under cyclic loading and the suitable shear strength models for the
vulnerability assessment.

61

Chapter 3: Reference Structures, Design and Modeling
3.1 Description of Representative Buildings
This study focuses on the reliable selection of performance limit states,
including any potential shear failure modes, for the vulnerability assessment of the
building inventory in a highly populated and seismically active areas in the UAE (i.e.
Dubai, Sharjah and Ajman). The reference buildings of the present study are selected
based on a building database collected for the study area (Mwafy, 2012b; Mwafy,
2012a; Mwafy, 2013). On-ground surveys and site visits were conducted to collect
the building database with the help of high resolution satellite images. The collected
structures were categorized according to four criteria; namely the building height,
function, construction date and population intensity. The reference structures in the
current study are selected based on the construction date and building height criteria.
Buildings constructed before 1991 are considered as pre-code structures, while those
deigned using modern seismic standards (ASCE-7, 2010; ACI-318, 2011) are treated
as contemporary buildings, as shown in Figure 3.1. The area under study was divided
to zones and sub-areas, each has common building characteristics and features
(Mwafy, 2012b; Mwafy, 2012a; Mwafy, 2013).
16000

(1-10)

(11-30)
Zone 9&12
Zone
9&12
Zone 11
Zone
11
Zone 10
Zone 10

(> 31)
(1-10)
Zone8
Zone
8

(11-30)
Zone 7

Zone 7

(> 31)
Zone 1-6
Zone
1

Figure 3.1: Buildings classification according to their construction date
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3.1.1 Pre-Code Buildings
The multi-story buildings in the highly populated areas of the UAE are the
most significant inventory since they represent concentrated economic and human
assets. Owing to the diversity of the building inventory, the selected reference
structures includes a wide range of buildings with different heights. The selected preseismic code structures were designed to resist the gravity and wind loads only.
According to the above-mentioned building database, five RC buildings of 2, 8, 18,
26 and 40 stories were selected and designed to represent the pre-code building
inventory in the UAE (Issa and Mwafy, 2014). Table 3.1 summarizes the general
details of the selected reference buildings. The 2 and 8-story buildings are frame
structures, while the 18, 26 and 40-story buildings are shear wall structures. The
layout of each of the reference buildings is shown in Figure 3.2 through Figure 3.5.
Table 3.1: Summary of the selected pre-seismic code buildings (Mwafy, 2013)
Number

Building Reference

1
2
3
4
5

BO-02
BO-08
BO-18
BO-26
BO-40

No. of
stories
2
8
18
26
40

B
3.2
3.2
3.2

Story height (m)
GF
TF
5.0
3.5
5.0
3.5
4.5
3.2
4.5
3.2
4.5
3.2

Total height (m)
8.5
28.5
58.9
84.5
129.3

1

1

1

10AT2

B: basement; GF: ground floor; TF: top floor

1

2

1

2

2

2

2

1

1

1

2

Figure 3.2: Layout of the 2-story building showing different structural members and
typical floor slab reinforcement (Mwafy, 2013)
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Figure 3.3: Layout of the 8-story building showing different structural members and
typical floor slab reinforcement (Mwafy, 2013)

15AT3

20AT2

P1

10AT4

P1
CORE1
CB1

C1

25AT1

10AT4

P1

42AT5

20AT2

P1

15AT3

25AT1

C1

CB1
42AT5

CORE1
P1

P1

P1
C1

P1
C1

Figure 3.4: Layout of the 18 and 26-story building showing different structural
members and typical floor slab reinforcement (Mwafy, 2013)
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CB3

10AT6

P12

10AT5

20AT2

P15

10AT4

7AT4

7AT4

36AT7 36AT7

CB2

10AT2

20AT2

P12

30AT1

P15

42AT7

P12

13AT7

20AT2

P12

15AT3

30AT1

30AT1

36AT7

CB1
P15
CORE1

P12

CORE2

P12

P15

P12

P12

Figure 3.5: Layout of the 40-story building showing different structural members and
typical floor slab reinforcement (Mwafy, 2013)
The analysis and design of the reference buildings were carried out using the
British Standards and the ETABS structural analysis software (BS8110, 1986; CSI,
2011). The material properties were selected to represent those expected at the time
of construction (Issa and Mwafy, 2014). The required amount of longitudinal
reinforcement was calculated for the columns, walls and core walls of the reference
buildings. In the present study, the design shear stresses are calculated and compared
with the demand shear stresses to verify the transverse reinforcement of structural
members. It noteworthy that reducing the concrete compressive strength along the
building height is a common design practice in the UAE. Table 3.2 summarizes the
most important design information of the reference structures which are implemented
in the present study. Additional information related to the design and detailing of the
reference structure is available in the study of Issa (2014).
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Table 3.2: Design summary of vertical structural members (Issa, 2014; Issa and
Mwafy, 2014)*
Reference
Structures

Section

2-Story

C1
(Column)
C2
(Column)
C1
(Column)

8-Story

C2
(Column)
C3
(Column)

P1 (Wall)

18-Story

Location
of
section

Cross
section
(mm)

fc’ MPa

Vertical
steel
ratio

Vertical
reinforcement

Horizontal
reinforcement

All stories

200x400

20

1.15 %

6#14

#10@200mm

All stories

200x300

20

1.13 %

6#12

#10@200mm

Base

300x1200

20

2.9 %

20#26

#12@200mm

Floor no. 5

250x1200

20

1%

16#14

#10@200mm

Base

300x900

20

1.63 %

14#20

#12@200mm

Floor no. 5

250x900

20

1%

12#14

#10@200mm

Base

300x700

20

3.74 %

16#25

#10@200mm

Base

450x3500

28

3.19 %

40#40

#12@200mm

Floor no. 3

450x3500

24

2.04 %

40#32

#10@200mm

Floor no. 8

350x3500

20

2.1 %

32#32

#10@200mm

Base

250x8700

24

1.13 %

140#20

#12@200mm

Floor no. 8

200x8700

20

1%

100#20

#8@200mm

Base

600x3500

28

3.9 %

66#40

#12@200mm

Floor no. 3

600x3500

24

3.11 %

52#40

#12@200mm

Floor no. 8

550x3500

24

1.72 %

42#32

#8@200mm

Floor no.12

550x3500

24

1.34 %

36#26

#8@200mm

Floor no.
17

400x3500

20

1%

36#20

#8@200mm

Base

300x8700

28

1.1 %

160#20

#12@200mm

Floor no. 8

250x8700

24

1%

121#20

#8@200mm

Floor no.
17

200x8700

20

1%

97#20

#8@200mm

Base

750x5000

28

3.95 %

118#40

#12@200mm

Floor no. 4

750x5000

28

2.41 %

72#40

#12@200mm

Floor no. 9

600x5000

28

3.76 %

90#40

#12@200mm

600x5000

24

1.96 %

73#32

#8@200mm

450x5000

24

3.46 %

97#32

#8@200mm

450x5000

20

1.47 %

54#28

#8@200mm

300x5000

20

2.38 %

58#28

#8@200mm

300x5000

20

1%

48#20

#8@200mm

Base

350x7700

28

1.19 %

287#20

#14@200mm

Floor no. 9

300x7700

24

1.05 %

215#20

#14@200mm

250x7700

20

1%

235#16

#12@200mm

200x7700

20

1%

235#12

#12@200mm

Core1

P1 (Wall)

26-Story

Core1

P12
(Wall)

40-Story

Core1

Floor no.
14
Floor no.
19
Floor no.
24
Floor no.
29
Floor no.
34

Floor no.
19
Floor no.
29

*: Additional information related to the design and detailing of the reference structure is available in
the study of Issa (2014).
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3.1.2 Modern Buildings
The modern buildings were designed to resist the seismic and wind forces
according to ACI-318 (2011) and ASCE-7 (2010). Five RC buildings were selected,
ranging from 10 to 50 stories. The well-designed reference structures represent a
wide range of medium-rise and high-rise buildings in the UAE. Each structure
consists of two basements, ground story and a number of typical stories, as shown in
Table 3.3. The reference buildings represent typical shear walls structures and they
have the same layout as presented in Figure 3.6.
Table 3.3: Summary of the selected code-designed buildings (Mwafy, 2013)
Story height (m)
Building
No. of
Reference
stories B1
B2
GF
1
10-story
10
3.2
3.2
4.5
2
20-stroy
20
3.2
3.2
4.5
3
30-story
30
3.2
3.2
4.5
4
40-story
40
3.2
3.2
4.5
5
50-story
50
3.2
3.2
4.5
B1&2: basement 1 and 2; GF: ground floor; TF: top floor
Number

TF

3.2
3.2
3.2
3.2
3.2

Total height
(m)
33.3
65.3
97.3
129.3
161.3

Figure 3.6: Layout of the five reference code-designed buildings showing different
structural members and typical floor slab reinforcement (Mwafy, 2013)
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The design of the selected reference structures were conducted by Mwafy
(2012c and 2011) using three-dimensional numerical models of ETABS structural
analysis software (CSI, 2009) and the ACI-318 (2011) building code. The material
properties were selected to represent modern well-designed buildings (e.g. yield
strength of reinforcing steel is 460 MPa). It noteworthy that reducing the concrete
compressive strength along the building height is a common design practice in the
UAE. The details of the core walls and shear walls are presented in Table 3.4. The
transverse reinforcement of the vertical structural members is verified in the current
study based on the ACI-318 (2011). Additional information related to the design and
detailing of the reference structure is available in the studies of Mwafy (2011),
Mwafy (2012a) and Mwafy (2013).
3.2 Modeling Approach for Inelastic Analysis
3.2.1 Pre-Code Buildings
The modeling of the reference pre-seismic code structures for inelastic
analysis was conducted by Issa and Mwafy (2014). The numerical models were
developed using the inelastic analysis platform ZEUS-NL (Elnashai et al., 2012).
Material models were selected to effectively idealize the reinforcing steel bars,
confined and unconfined concrete during the inelastic simulations. Uniaxial constant
confinement concrete model was used with a crushing strain of unconfined concrete,
ԑcu, of 0.002 and a compressive strength, f’c, varying between 20 to 35 MPa. In
addition, for mild reinforcing steel bars, a bilinear elasto-plastic model was selected
with a steel hardening rate, µE, of 0.005, Young’s modules, E, of 200,000 MPa and
yield strength, fy, of 240 MPa (Issa and Mwafy, 2014). Figure 3.7 shows the stressstrain relationships of the selected materials.

68
Table 3.4: Design summary of vertical structural members (Mwafy, 2011, 2012a)*
Reference
Structures

Section

P12 (wall)

10-Story
Core1

P12 (wall)

20-Story
Core1

P12 (wall)

30-Story

Core1

P12 (wall)

40-Story

Core1

P12 (wall)

50-Story

Core1

Location
of section

Cross
section
(mm)

fc’
MPa

Vertical
steel
ratio

Vertical
reinforcement

Horizontal
reinforcement

Base

300x1600

36

2.50 %

4#40+14#25

#12@200mm

Floor no.4

300x1600

36

1.00 %

4#32+14#12

#10@200mm

Base

250x7700

36

1.00 %

68#25+116#12

#12@200mm

Floor no.4

200x7700

36

1.00 %

74#20+112#12

#10@200mm

Base

350x3000

36

2.70 %

16#40+24#20

#12@200mm

Floor no. 4

350x3000

36

2.70 %

16#32+24#16

#12@200mm

Floor no. 9

300x3000

36

1.00 %

16#20+20#16

#12@200mm

Floor no. 14

300x3000

36

1.00 %

16#20+20#16

#10@200mm

Base

300x7700

36

1.00 %

68#25+144#14

#12@200mm

Floor no. 5

250x7700

36

1.00 %

68#25+116#12

#12@200mm

Floor no. 11

200x7700

36

1.00 %

74#20+112#12

#10@200mm

Base

350x4000

40

4.00 %

32#40+28#25

#12@200mm

Floor no. 4

350x4000

40

2.20 %

32#32+22#16

#12@200mm

Floor no. 9

300x4000

36

2.00 %

24#32+24#16

#12@200mm

Floor no. 14

300x4000

36

1.20 %

24#25+24#12

#12@200mm

Floor no. 19

250x4000

36

1.00 %

24#20+24#12

#10@200mm

Base

300x7700

40

1.00 %

68#25+196#12

#14@200mm

Floor no. 9

250x7700

40

1.00 %

69#25+116#12

#14@200mm

Floor no. 19

200x7700

36

1.00 %

74#20+112#12

#12@200mm

Base

400x5000

48

2.82 %

32#40+28#25

#12@200mm

Floor no. 4

400x5000

48

1.77 %

32#32+30#20

#12@200mm

Floor no. 9

350x5000

40

2.32 %

28#32+36#25

#12@200mm

Floor no.14

350x5000

40

1.00 %

28#25+32#12

#12@200mm

Floor no. 19

300x5000

36

1.00 %

18#25+34#14

#12@200mm

Floor no. 29

250x5000

36

1.00 %

18#25+32#12

#10@200mm

Base

350x7700

48

1.00 %

70#32+118#12

#14@200mm

Floor no. 9

300x7700

40

1.00 %

68#25+196#12

#14@200mm

Floor no. 19

250x7700

40

1.00 %

69#25+116#12

#12@200mm

Floor no. 29

200x7700

36

1.00 %

74#20+112#12

#10@200mm

Base

450x5000

48

3.62%

36#40+46#32

#14@200mm

Floor no. 4

450x5000

48

2.31 %

36#40+36#16

#14@200mm

Floor no. 9

400x5000

40

3.88 %

28#40+48#32

#12@200mm

Floor no. 14

400x5000

40

2.25 %

28#40+30#20

#12@200mm

Floor no. 19

350x5000

40

1.85 %

28#32+30320

#12@200mm

Floor no. 24

350x5000

40

1.06 %

28#25+30#14

#12@200mm

Floor no. 29

300x5000

36

1.00 %

18#25+34#14

#12@200mm

Floor no. 39

250x5000

36

1.00 %

18#25+34#12

#12@200mm

Base

400 x7700

48

1.00 %

70#32+141#12

#14@200mm

Floor no. 9

350x7700

40

1.00 %

70#32+118#12

#14@200mm

Floor no. 19

300x7700

40

1.00 %

68#25+196#12

#12@200mm

Floor no. 29

250x7700

36

1.00 %

68#25+116#12

#12@200mm

Floor no. 39

200x7700

36

1.00 %

74#20+112#12

#12@200mm

*: Additional information related to the design and detailing of the reference structure is available in
the studies of Mwafy (2011), Mwafy (2012a) and Mwafy (2013).
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(a) Uniaxial constant confinement
concrete model

(b) Bilinear elasto-plastic model

Figure 3.7: Materials models used for idealizing the reference structures (Elnashai et
al., 2012)
The structural members were modeled using three Cubic Elasto-Plastic Frame
(CEPF) elements to have an adequate representation of the cracking and spread of
yielding. In order to evaluate the element forces, numerical integration was
performed at two Gauss points, as presented in Figure 3.8. The section at each Gauss
point was divided into a number of monitoring points (fibers). Moreover, several
sections from the ZEUS-NL library were selected to model slabs, beams, columns,
walls, cores and rigid arms, as shown in Figure 3.9.

Figure 3.8: Cubic Elasto-Plastic Frame element (Elnashai et al., 2012)
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b
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B
Steel rectangular section

Column section

b
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B
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C
Aa
A

C
C
b

B
T-section

Aa
d

D

b

B
Flexural wall section

A: External section height
a: Stirrup height
B: External section width
b: Stirrup width
C: Height of fully confined region
D: Internal stirrup width
d: internal section width

b

B

Hollow RC rectangular section

Legend

Figure 3.9: Different cross-sections used to model the reference buildings for
inelastic analysis (Elnashai et al., 2012)
Although ZEUS-NL is capable of conducting three-dimensional (3D)
inelastic response history analysis of high-rise structures, such modelling and

71
analysis are computationally demanding particularly with the wide range of buildings
and input ground motions employed in the present study. Therefore, the 40-story
building was idealized as a two-dimensional (2D) framing system, which represents
the Lateral-Force Resisting systems (LFRSs) in the traverse direction of the
structure. The external framing systems at the left and right margins were assumed to
resist gravity loads only. Each frame of the main LFRS in the transvers direction
consists of one internal core wall and two external shear walls, which were loaded
with 25% of the total seismic mass of the building, as shown in Figure 3.10. Since
comparable framing systems resist the lateral loads in both the longitudinal and
traverse directions of the 18 and 26-story buildings, a 2D LFRS was adopted to
model such structures, in which each frame consists of one internal core wall and
four external shear walls, as presented in Figure 3.11. This LFRS is loaded with
100% of the total mass of the building. In addition, the frame buildings (i.e. 2 and 8story buildings) were idealized as 3D models and the whole mass was implemented
in the inelastic simulations. The finite element models used in design and fiber based
models used in seismic assessment are depicted in Figure 3.12 for all pre-code
reference buildings. It is noteworthy that despite the different modeling approaches
for the five reference pre-code structures, the difference observed between the
fundamental periods obtained from the ETABS 3D and the ZEUS-NL 2D/3D models
in the transverse direction is less than 13% (Issa, 2014). This difference was mainly
due to representing the reinforcement in addition to employing the actual/mean
material

strength

values

in

the

ZEUS-NL

models

instead

of

the

nominal/characteristic strength used in the design. The Eigenvalue results conducted
by Issa (2014) verified the numerical models and lent weight to the results obtained
from the present study. Finally, it is important to note that the adopted modelling
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approaches in the present study for frame and shear wall buildings were extensively
verified against full scale test results in several previous studies (e.g. Jeong and
Elnashai, 2005; Kwon and Elnashai, 2006; Alwaeli et al., 2016b).

P12

P12

P12

P12

Lateral force resisting system
in the longitudinal direction

RC shear walls
P15

CB3

7AT4

P15
CB2
CB1
P15
CORE1

CORE2

P15

Flat slab system

P12

P12

P12

P12

Lateral force resisting system
in the transverse direction

Figure 3.10: LFRSs of shear wall supported structures (40-story buildings) (Issa and
Mwafy, 2014)

C1

C1
P1

P1

P1

Lateral force resisting system
in the longitudinal direction

RC shear walls

P1
CORE1
CB1

CB1
CORE1

P1

P1
Flat slab system

P1

P1
C1

C1

Lateral force resisting system
in the transverse direction

Figure 3.11: LFRSs of shear wall supported structures (18 and 26-story buildings)
(Issa and Mwafy, 2014)
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40 story - BO-40

8 story - BO-08

26 story - BO-26

18 story - BO-18

2 story- BO-02

Figure 3.12: Finite element and fiber based models of five pre-code reference
structures (Issa and Mwafy, 2014)
3.2.2 Modern Buildings
The inelastic models of the reference structures were developed by Mwafy
(2011) using the fiber-based platform ZEUS-NL (Elnashai et al., 2012). As discussed
in the modeling of the pre-code buildings, the concrete behavior was represented
using a uniaxial constant confinement concrete model, while an elasto-plastic model
represents the response of reinforcing steel (Elnashai et al., 2012). Structural
members were idealized using three cubic-elasto-plastic elements capable of
representing the spread of inelasticity within the cross-section depth and along the
length of the member, as shown in Figure 3.8. The selected RC sections from the
ZEUS-NL library to model the modern buildings are presented previously in Figure
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3.9. For each building, four LFRSs resist the lateral loads in the transverse direction,
as illustrated in Figure 3.13. Each framing system is loaded with 25% of the total
mass of the building as previously discussed. Each framing system in the transverse
direction consists of one internal core walls and two external shear walls. In the
longitudinal direction, the LFRS consists of four core walls and four shear walls. The
inelastic analysis of the code-designed reference structures is undertaken in the
transverse direction, since it is more vulnerable than the longitudinal direction
(Mwafy, 2012a). Figure 3.14 depicts the 2D fiber based models used in seismic
assessment along with the 3D finite element models used in the design of the
selected code-designed reference buildings. The periods obtained from the ZEUS-NL
models of the reference structures in the longitudinal and transverse directions were
comparable with those obtained from the ETABS 3D models used in design (Mwafy
and Ashri, 2014). The difference between the 3D and the 2D models was about 20%,
which was mainly due to employing actual (mean) material strength in the ZEUS-NL
models rather than the nominal (characteristics) strengths used in design. Also, the
rebar effectively included in the ZEUS-NL models increased the stiffness of different
cross sections unlike the case for the ETABS RC sections. The results validated the
ZEUS-NL 2D analytical models developed for the five modern buildings and lent
weight to the inelastic results of the present study (Mwafy and Ashri, 2014). Finally,
it is important to note that the adopted modelling approach in the present study for
shear wall buildings was extensively verified against full scale test results in previous
studies (e.g. Alwaeli et al., 2016b).
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Chapter 4: Performance Assessment of Existing Structures
4.1 Introduction
The experimentally verified shear strength models along with design code
approaches for the assessment of the shear response of RC columns and shear walls
ae selected based on the literature review presented in Chapter 2. For the shear wall
structures, the models of Priestley et al. (1994), Krolicki et al. (2011) and Wallace
(2010) are termed in this study Priestley, Calvi and Wallace shear strength models,
respectively. For the frame buildings, the shear strength models of Sezen and Moehle
(2004), Howser et al. (2010), Kim et al. (2012) and Bentz et al. (2006) are termed in
the current research Moehle, Howser, Kim and simplified modified compression
field theory (SMCFT), respectively.
4.2 Assessment of Shear Demand – Supply Response at the Member Level
The shear performance assessment of the five reference structures that
represent pre-seismic code buildings is conducted using both the inelastic pushover
analysis (IPA) and time history analysis (THA). Hence, the shear response of each of
the investigated buildings is monitored at different story levels. Sample results at
three critical story levels, namely the basement level, building mid-height and the
roof of each structure are presented in subsequent sections. For the frame structures,
one exterior frame and another interior frame are selected and assessed in each
building. The shear response is traced and any indications of shear failure in
structural members is reported when the shear demand exceeds the capacity. The
results summarized in this chapter are obtained from IPA and THA and start with
shear wall structures and are then followed by frame buildings.

77
4.2.1 Inelastic Static Pushover Analysis (IPA)
The structural performance of the reference structures is verified using IPA
by applying monotonically increasing lateral loads along the building height. The
analysis is carried out until the predefined collapse prevention limit state of the
structure is attained through controlling the top displacement. The lateral load profile
is uniform for the shear wall buildings, while an inverted triangular load is selected
for the low-rise frame structures based on the recommendations of previous studies
(e.g. Mwafy and Elnashai 2001; Mwafy et al. 2006). The shear supply is compared
with the shear demand of structural members at different interstory drift ratios
(IDRs). It is important to note that IPA may not be an efficient assessment tool for
high-rise structures due to the significant contribution of higher modes. However,
IPA is only used in this study as an initial assessment approach to understand the
differences between different shear strength models. Afterwards, THAs are mainly
used to assess the shear response and select the limit states of the reference structures
using a large sets of input ground motions representing different seismic scenarios.
4.2.1.1 Shear Wall Structures
For the 40-story building, the shear response is monitored at the critical
sections of the core walls and external shear walls as per the selected shear strength
models (Priestley et al., 1994; ACI-318, 2008; Wallace, 2010; Krolicki et al., 2011).
The IPA results indicate that the ultimate shear demand does not exceed the shear
supply estimated using the shear prediction approaches of Priestley, Calvi and
Wallace, and hence shear failure is not observed from IPA, as shown in Figures 4.1
and 4.2. Shear failure is only detected in the external shear walls as per the overconservative design code approach. However, the impact of ductility demands is

78
shown on the degradation of the shear response predicted using the Priestley, Calvi
and Wallace shear strength models at high IDRs. For the core walls at the basement
level, the maximum curvature ductility factor is 4.4, which results in flexural
ductility factors, k and γp, of 0.23 and 0.25 from the Priestley and Calvi models,
respectively. The maximum curvature ductility in the external shear walls is 3.4,
which results in flexural ductility factors of 0.27 and 0.28 as per the Priestley and
Calvi models, respectively. For the Wallace model, the impact of ductility is directly
accounted for using the curvature ductility factor which results in a higher effect on
shear strength at high IDRs, as shown in Figures 4.1 and 4.2. For the presented
sample results, the shear-span ratio is more than 2.0, and hence the cracking angle as
per the Calvi model is 30 degrees.
For the 26-story building, Figures 4.3 and 4.4 show sample results of IPA for
the core walls and external shear walls. Shear failure is observed in the core walls
and external walls at the basement level as per the Wallace shear strength model and
the design code approach. It is observed from Figure 4.3 that the shear strength
models of Priestley and Calvi are affected notably by ductility demands. The
maximum curvature ductility factor is 16.2, which results in k and γp factors of 0.05
from the Priestley and Calvi models. For the external shear walls shown in Figure
4.4, a reduction in shear strength is observed as per the Priestley and Calvi models
without detecting shear failure due to increasing the curvature ductility demands,
which results in minimum flexural ductility factors of 0.083 and 0.09 for the
Priestley and Calvi models, respectively. The maximum curvature ductility factor is
9.7 for the shear walls. A significant degradation in the shear strength is detected in
the core walls and shear walls at the basement level as per the Wallace model as a
result of increasing the curvature ductility of this relatively stiff structure. For the
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presented sample results in Figures 4.3 and 4.4, the shear-span ratio is more than 2.0,
while the cracking angle using the Calvi model is 30 degrees and the shear-span
coefficient is 1.0.
Sample results for the shear response of the 18-story building are presented in
Figures 4.5 and 4.6. Similar to the 26-story building, shear failure is observed in the
core walls and external shear walls at the basement level as per the Wallace model
and the design code approach under moderate levels of lateral loads and IDRs.
Unlike the response of the 40-story structure, the response of this relatively short and
stiff wall building is more dominated by shear rather than flexure. Increasing lateral
loads leads to increasing the shear demands significantly, which exceed the supply
and result in shear failure. The negative impact of ductility demands on the shear
supply under high levels of lateral loads and IDRs is also shown from the shear
strength predicted using the Priestley and Calvi models. Increasing curvature
ductility results in a minimum flexural ductility factor of 0.05 in the core walls from
both the Priestley and Calvi models, while it results in minimum flexural ductility
factors of 0.072 and 0.095 in the external shear walls from the Priestley and Calvi
models, respectively. Moreover, the Wallace model is significantly influenced by the
curvature ductility of the core walls and shear walls (i.e. the maximum curvature
ductility is 17.2 and 9.5 in the core walls and shear walls, respectively). The shear
supply as per the Priestley and Calvi models is comparable because the shear-span
ratio is more than 2.0, while the cracking angle using the Calvi model is 30 degrees
and the shear-span ratio coefficient is 1.0.
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Figure 4.1: Shear demand-supply response of core walls at the basement level
using IPA (40-story building)
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Figure 4.2: Shear demand-supply response of external shear walls at the basement
level using IPA (40-story building)
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Figure 4.3: Shear demand-supply response of core walls at the basement level
using IPA (26-story building)
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Figure 4.4: Shear demand-supply response of external walls at the basement level
using IPA (26-story building)

Shear Demand & Supply (KN)

82
25000
20000
V(Demand)
15000

V(ACI)
V(Priestley)

10000

V(Wallace)
V(Calvi)

5000

V max

0
0

0.2

0.4

0.6

0.8

Max. Interstory Drift (%)

Shear Demand & Supply (KN)

Figure 4.5: Shear demand-supply response of core walls at the basement level
using IPA (18-story building)

14000
12000

10000

V(Demand)

8000

V(ACI)

6000

V(Priestley)
V(Wallace)

4000

V(Calvi)
2000

V max

0
0

0.2

0.4

0.6

0.8

Max. Interstory Drift (%)

Figure 4.6: Shear demand-supply response of external walls at the basement level
using IPA (18-story building)
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4.2.1.2 Frame Structures
The shear response of the 8-story building is presented in Figures 4.7 and 4.8.
Shear failure is not detected in any structural members of the interior and exterior
frames. The ductility demand has some impacts on the shear strength models. The
degradation is clearly observed as per the Priestley and Howser models, while a
small reduction in shear supply is noted using the Moehle model for the right column
at the ground level of the exterior and interior frames, as shown in Figures 4.7 and
4.8. The minimum flexural ductility factors are 0.098, 0.11 and 0.84 for the column
of the exterior frame as per the Priestley, Howser and Moehle models, respectively.
For the sample presented results of the interior frame column, the minimum flexural
ductility factors are 0.094, 0.01 and 0.82 as per Priestley, Howser and Moehle
models, respectively. Regarding the Kim shear strength model, the shear response is
affected by the axial force only similar to the response of the ACI code. For the
SMCFT model, the shear strength decreases with increasing shear demand. One of
the parameters of the latter shear strength model is inversely proportional with the
shear demand, while the model is unaffected by axial load.
Shear failure of the 2-story building is not observed using IPA for all
structural members. The negative impact of ductility demand is observed in the
interior columns of exterior and interior frames, as shown in Figures 4.9 and 4.10,
respectively. In addition, shear strength of the exterior frame column is extremely
affected by the ductility as per the Priestley and Howser models, while a small effect
is observed using the Moehle model. The minimum flexural ductility factors as per
the Priestley, Howser and Moehle models are 0.0988, 0.0877 and 0.84, respectively.
Shear strength of the interior frame column is highly affected by the ductility
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demand. The minimum flexural ductility factors using the Priestley, Howser and
Moehle models are 0.05, 0.075 and 0.7, respectively. The results of the Kim, SMCFT
and ACI approach are comparable with the 8-story building.
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Figure 4.7: Shear demand-supply response of an exterior frame column using IPA
(8-story building)
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Figure 4.8: Shear demand-supply response of an interior frame column using IPA
(8-story building)
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Figure 4.9: Shear demand-supply response of an exterior frame column using IPA
(2-story building)
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Figure 4.10: Shear demand-supply response of interior column at the interior
frame using IPA (2-story building)

4.2.2 Time History Analysis (THA)
Two seismic scenarios representing far-field and near-source earthquake
records are adopted in this study based on the recommendations of recent seismic
hazard and vulnerability studies for the UAE (Mwafy et al., 2006; Ashri and Mwafy,
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2014; Issa and Mwafy, 2014). The selection of earthquake records was carried out
according to pre-defined criteria which represented site specific properties including:
(i) epicentral distance, (ii) magnitude, (iii) soil condition, and (iv) PGA (Mwafy et
al., 2006). Scaling earthquake records using their PGAs in the inelastic simulations
relates the seismic forces directly to the input accelerations. The response spectra of
the selected records were therefore scaled to the recommended design intensity of the
study region (i.e. a PGA of 0.16g, Mwafy et al., 2006). Fourteen far-field and nearsource earthquake records are selected to represent the above-mentioned two seismic
scenarios. The mean spectra of the selected records match the mean spectra of the
forty earthquake records used in the above-mentioned vulnerability assessment
studies. The response spectra of far-field and near-source earthquake records along
with their mean is compared with the mean of selected seven records in Figures 4.11
and 4.12, respectively. The response spectra of the selected far-field and near-source
seismic events with their mean are presented in Figures 4.13 and 4.14, respectively.
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Figure 4.11: Comparison between the mean response spectra of two sets of twenty
and seven input ground motions representing far-field seismic scenarios
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Figure 4.12: Comparison between the mean response spectra of two sets of twenty
and seven input ground motions representing near-source seismic scenarios
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Figure 4.13: Response spectra of the selected seven far-field earthquake records
along with their mean
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Figure 4.14: Response spectra of the selected seven near-source earthquake records
along with their mean
4.2.2.1 Shear Wall Structures
The shear response of the 40-story building is monitored using THA under
the effect of the selected far-field earthquake records at different intensity levels. The
selected shear strength models along with the design approach are used to estimate
the shear supply and then compared with the shear demand of each structural
member under cyclic loading. Shear failure is observed at the basement level in both
the core walls and the external shear walls. The intensity levels at which shear failure
is detected under the effect of far-field records are comparable with an average PGA
of 0.9257 g. Sample results are presented in Figure 4.15 under the Loma Prieta input
ground motion, in which the core walls at the basement level fail in shear. Shear
response is significantly influenced by the variation of axial loads, with an
observable effects from ductility. The maximum curvature ductility factor is 4.0,
which results in flexural ductility factors, k and γp, of 0.25 and 0.26 as per the
Priestley and Calvi models, respectively. The shear-span ratio is more than 2.0, and
hence the cracking angle is 30 degrees as per Calvi model while the shear-span ratio
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coefficient is 1.0. Another example is presented in Figure 4.16 for the shear response
in the core walls at the basement level under the Chi-Chi-ILA013 earthquake record.
Shear failure is observed in the core walls of the 40-story building from all shear
supply models selected in this study. The negative impact of ductility demands on
the shear supply is shown on the Priestley, Calvi and Wallace shear strength models.
The minimum ductility factors are 0.17 and 0.213 as per the Priestley and Calvi
models, respectively while and the maximum curvature ductility is 6.0.
The shear response is also monitored for the 40-story building under the
effect of the near-source earthquake records. Sample results are presented in
subsequent sections for selected critical members at different intensity levels. The
average PGA at which shear failure is detected is 2.1 g for the selected near-source
seismic events, which is much higher than that of far-field records. Shear failure is
observed in core walls at the basement level under the effect of all earthquake
records. The Priestley, Calvi and Wallace models along with the conservative design
code approach detect shear failure in the core walls at the basement level, as
presented in Figure 4.17. For the sample results presented in Figure 4.18, shear
failure is observed as per all of the shear strength models and the design code
approach. Shear failure mainly occurs due to the fluctuation of axial loads, without
observable effects from ductility. The minimum ductility factor is 0.29 as per the
Priestley and Calvi models. For the presented sample results in Figure 4.17 and
Figure 4.18, the shear-span ratio is less than 2.0 and the cracking angle is 32 degrees
using the Calvi model while the shear-span ratio coefficient is 1.2.
For the 26-story building, the shear response is assessed under the effect of
the far-field earthquake records. The average PGA level at the first indication of
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shear failure is 0.34 g, which is much lower than that observed for the 40-story
structure. Sample results are depicted in Figure 4.19 under the far-field Kocaeli-Hava
Alani record. Shear failure is observed in the core walls at the basement level as per
the Calvi, Priestley and Wallace models along with the design code approach. The
negative impact of ductility demands on the shear supply is shown from the abovementioned shear strength models. The minimum flexural ductility factors are 0.22
and 0.24 using the Priestley and Calvi models, respectively. The maximum curvature
ductility is 4.5, which has marginal effect on the shear response of the Wallace
model. The shear-span ratio is more than 2.0, and hence the cracking angle is 30
degrees and the shear-span ratio coefficient is 1.0. Additional sample results under
the effect of Bucharest record are presented in Figure 4.20. All shear strength models
detect shear failure in the core walls at the mid-height level. Shear response is
significantly influenced by the variation of axial loads, without an observable effect
from ductility. The minimum ductility factor is 0.29 as per the Priestley and Calvi
models. The shear-span ratio is less than 2.0, and thus the cracking angle is 32
degrees and the shear-span ratio coefficient is 1.3.
Shear response is also monitored for the 26-story building using the nearsource earthquake records. The average PGA level at the first indication of shear
failure from the near-source records is higher than that of the far-field counterparts
(i.e. an average PGA of 0.85 g). Sample results for the shear response are presented
in Figures 4.21 and 4.22 under the near-source earthquake records Lazio Abr. and
Livemore, respectively. Shear failure is observed in the core walls at the basement
level and at the mid-height of the structure as per the Priestley, Calvi and Wallace
models. Shear response is influenced by the variation of axial loads, without an
observable influence from ductility demands. The cracking angles of the Calvi model
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in the presented results are more than 30 degrees because the shear-span ratios are
less than 2.0 while the shear-span ratio coefficients are more than 1.0.
For the 18-story building, the shear response is monitored under the effect of
the far-filed earthquake records. Shear failure is detected at different intensity levels
of the selected seismic events with an average PGA of 0.3, which is less than those
of the 26 and 40-story buildings. Shear failure is observed in the core walls at the
basement level under the effect of all earthquake records. At the mid-height of the
structure, shear failure is detected from some seismic records only. All shear strength
models along with the design code approach detect shear failure, as depicted in
Figure 4.23. For the sample results presented in Figure 4.23, shear response is
significantly influenced by the variation of axial loads and ductility demands. The
minimum flexural ductility factors are 0.19 and 0.23 as per Pristley and Calvi
models. The shear strength predicted using the Wallace model is influenced by the
curvature ductility, as shown in Figure 4.23 (i.e. a maximum curvature ductility of
5). The shear-span ratio is more than 2.0, and thus the cracking angle is 30 degrees as
per the Calvi model. Additional results are presented in Figure 4.24, in which the
core walls at the mid-height fail in shear. The shear response is influenced by axial
loads, without observable effects from ductility. The cracking angle using the Calvi
model is 33 degrees because the shear-span ratio is less than 2.0, and the shear-span
coefficient is 1.4.
The shear response of the 18-story building is assessed under the effect of the
near-source earthquake records. The average PGA at the first indication of shear
failure for the seismic records is 0.64 g, which is less than those of the 26 and 40story buildings. Shear failure is detected in the core walls at the basement level and
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at the mid-height of the structure as depicted in Figures 4.25 and 4.26, respectively.
Shear failure is observed as per the Priestley, Clavi and Wallace models in addition
to the design code approach. The negative impact of ductility demands on the shear
supply is not clearly shown from the shear response predicted using the abovementioned shear strength models. For the presented sample results, the shear-span
ratio is 1.5, which results in a cracking angle of 34 degrees as per the Calvi model
and a shear-span ratio coefficient of 1.5.
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4.2.2.2 Frame Buildings
For the 8-story frame structure, the shear response of the interior and exterior
frames is assessed under the effect of the far-field earthquake records. Shear failure
is not shown in all monitored members using the selected seismic events, as
presented for instance in Figures 4.27 and 4.28. Several trials are carried out by
increasing the ground motion intensity level up to the IDR corresponding to the
collapse prevention limit state without detecting shear failure. The average PGA at
collapse is 1.154 g, which is much higher than that of the shear wall buildings. The
negative impact of ductility demands on the shear supply under high levels of lateral
loads and interstory drift ratios is shown from the shear strength predicted using the
Priestley and Howser models as well as the Moehle approach but at a lower extent.
Hence, significant deterioration in shear strength is observed in the columns at the
ground level in the interior and exterior frames. The minimum flexural ductility
factors of the interior frame column are 0.05, 0.072 and 0.7 as per the Priestley,
Howser and Moehle models, respectively. For the exterior frame column, the
minimum flexural ductility factors are 0.086, 0.088 and 0.076 as per the Priestley,
Howser and Moehle models, respectively. Since the SMCFT model is somehow
inversely proportional to shear demand, the shear supply decreases when the
earthquake load is applied to the strong direction of the column and hence the
demand increases, as depicted in Figure 4.27. The shear strength predicted using
SMCFT is higher when the earthquake load is applied to the weak direction, which
decreases seismic demands, as shown in Figure 4.28.
The shear response of the 8-story building is also monitored under the effect
of the near-source earthquake records. The intensity levels of these records that are
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required to cause shear failure are much higher than the far-field input ground
motions with an average PGA of 4.57 g. Unlike the response under the effect of farfield records, shear failure is observed in some structural members such as the
columns at the ground level and mid-height for the interior frame, as shown in
Figures 4.29 and 4.30, respectively. The negative impact of ductility demands plays a
significant role in predicting shear failure in this building using the Priestley, Howser
and Moehle models. Hence, the degradation in shear supply is clearly observed in the
shear response of the interior frame columns. The minimum flexural ductility factors
are 0.05, 0.0715 and 0.7 as per Priestley, Howser and Moehle models, respectively,
for the columns at the ground and mid-height levels. In addition to the impact of
ductility demands, the shear response is significantly influenced by the variation of
axial loads causing shear failure.
The structural performance of the 2-story frame building is also assessed
using the far-field earthquake records at different intensity levels. The average PGA
at the IDR corresponding to collapse prevention is 0.286 g. Similar to the 8-story
building, the shear response of exterior and interior frame columns is monitored.
Shear failure is not detected in any column as per all of the selected shear strength
models. The building completely collapses before detecting shear failure under the
effect of the far-field records. This is determined based on the collapse prevention
limit state recommended by Issa and Mwafy (2014), which is considerably exceeded.
Unlike shear walls structures, frame buildings are typically dominated by flexure,
and hence shear failure is not detected throughout the analyses up to the collapse
prevention limit state. The higher significance of flexural response on pre-code frame
structures compared with shear response was also confirmed from previous studies
(e.g. Mwafy and Elkholy, 2016). Shear response is significantly influenced by
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ductility demand in the columns of both frames especially for the interior frame.
Figure 4.31 depicts the deterioration in the shear supply predicted using the Priestley,
Howser and Moehle models. The minimum flexural ductility factors are 0.05, 0.0745
and 0.7 as per the Priestley, Howser and Moehle models. The impact of ductility
demands on the shear supply of the exterior frame column at the ground level is
marginal, as presented in Figure 4.32. The flexural ductility factors are 0.212, 0.096
and 0.94 as per the Priestley, Howser and Moehle models, respectively.
The near-source earthquake records are also used in dynamic analysis to
investigate the shear response of the 2-story building. The average PGA at the IDR
corresponding to collapse is 2.2 g, which is much higher than those of the far-field
records. Shear failure is not detected in the interior and exterior frames as per all of
the shear strength models similar to the previous observations under the far-field
records. The negative impact of ductility demands on the shear supply under high
levels of lateral loads and IDRs is shown from the shear strength predicted using the
Priestley, Howser and Moehle models. The minimum flexural ductility factors of the
interior frame column as per the Priestley, Howser and Moehle models are 0.05,
0.0745 and 0.7, respectively, as shown in Figure 4.33. The minimum flexural
ductility factors are 0.175, 0.088 and 0.91 as per the Priestley, Howser and Moehle
models, respectively, for the exterior frame column, as shown in Figure 4.34. The
shear response predicted using the SMCFT and Kim models shows similar results to
those observed using the far-field earthquake records.
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4.3 Selection of Limit States
Based on the large amount of shear response results presented for the five
reference structures, it is clear that the collapse limit state of the frame buildings is
not influenced by shear. For the shear wall buildings, the shear strength predicted
using the Priestley and Calvi models are comparable, while the Wallace approach
results in a slightly lower prediction of shear supply. It was confirmed from previous
studies that the code approach is over conservative (e.g. Mwafy and Elnashai 2008).
Hence, it is decided in the present study to adopt the experimentally verified models
of Priestley, Calvi and Wallace for the assessment of the shear response of pre-code
shear wall buildings. Local member shear failure is considered when the above
mentioned three models predict shear failure in the 18, 26 and 40-story structures.
Shear response is evaluated based on the median response for each of the two
sets of records selected in the present study (Figures 4.13 and 4.14). This enables to
account for the record-to-record variability in elastic THA results. The average IDRs
when shear failure is detected in shear wall structures or when collapse prevention
limit state is reached in frame buildings are presented in Figures 4.35 and 4.36 for the
far-field and near-source earthquake records, respectively. For the shear wall
structures, the average IDRs at shear failure obtained from the near-source records
are less than those from far-field events. On the other hand, the average IDRs of the
frame structures at collapse increase under the effect of near-source records when
compared with the far-filed counterparts. The results suggest adopting input ground
motion scenario-structure-based limit state criteria to quantify the level of the
damage of different structural systems.
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The performance criteria of the reference structures were selected in a
previous vulnerability assessment study without estimating the impact of shear
response, as shown in Table 4.1 (Issa and Mwafy, 2014). In addition, the
recommendations of other recent studies and design provisions for the limit states of
shear wall structures considering the shear response are summarized in Table 4.2. In
the present study, limit state criteria are selected according to the THA results
considering the impact of shear response from different earthquake scenarios. For the
40-story building, shear failure is detected earlier under the near-source earthquake
records compared with the far-field counterparts, as shown in Table 4.3. The impact
of shear assessment on the results under the effect of far-field records is insignificant.
For the 26 and 18-story buildings, the effects of shear response on the results
obtained from both near-source and far-field earthquake records are observable, as
shown in Table 4.3. Revised CP limit states are therefore selected for the latter two
buildings for both the far-field and near-source earthquake events. On the other hand,
the effects of shear assessment on the results of pre-code frame structures under both
the far-field and near source records are insignificant, and hence no changes in limit
states are adopted for this class of structure. The adopted limit states in the current
study are summarized in Table 4.4. It is noteworthy that the LS limit state is
considered 50% of the CP level as per ASCE/SEI-41 (2007).
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Figure 4.35: Average IDRs of five pre-code reference buildings at collapse under the
effect of far-field earthquake records
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Figure 4.36: Average IDRs of five pre-code reference buildings at collapse under the
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Table 4.1: Summary of IDRs corresponding to different limit states (Issa and Mwafy,
2014)
Reference Structure
Pre-code Frames
Pre-code Walls
Limit State - Interstory Drift (%)
IO
LS
CP
IO
LS
CP
0.50
1.00
2.00
1.00
2.00
3.28
1.36
1.88
2.60

Selection Approach

Experimental
studies

(ASCE/SEI-41, 2007, 2013)
Ghobarah et al. (1998)
Wood (1991) - 16%
Wood (1991) - 50%
Wood (1991) - 84%
Dymiotis et al. (1999) - 16%
Dymiotis et al. (1999) - 50%
Dymiotis et al. (1999) - 84%
Ghobarah et al. (1999)
Ramamoorthy et al. (2008) - 16 %
Ramamoorthy et al. (2008) - 50 %
Ramamoorthy et al. (2008) - 84 %
Liel et al. (2010) - 16 %
Liel et al. (2010) - 50 %
Liel et al. (2010) - 84 %
IPA, first yield and crushing
IPA, 10% strength reduction
THA - 16%
THA - 50%
THA - 84%
IDA - 16%
IDA - 50%
IDA - 84%
Selected Limit State

Analytical
studies

0.70
0.33
0.50
0.75

1.10

2.50
0.56
0.98
1.71
3.26
4.17
5.34
3.74
2.96
2.96
3.38
4.00
4.13
5.43
7.14
2.96

ISSA AND MWAFY
(2014)

0.67
0.40
0.48
0.57
0.39
0.57
0.84
0.39

1.48

0.33

1.59

0.32
0.39
0.48
0.34
0.62
1.13
0.34

1.78
2.27
2.89
2.83
3.83
5.18
1.78

0.89

Table 4.2: Limit state criteria recommended by seismic provisions and recent studies
for shear wall structures considering shear response
Selection Approach

Earthquake Scenario

(ASCE/SEI-41, 2007, 2013)
Al-Waeli (2016)
Based on 30-story building
(Mwafy et al., 2014; Abu
Khalifa, 2015)
Based on 50-story building

Limit State – Interstory Drift (%)
IO

LS

CP

Shear controlled

0.4

0.6

0.75

Long Period Records

0.81

1.36

2.39

Short Period Records

0.4

0.6

0.79

Long Period Records

0.49

1.14

2.27

Short Period Records

0.49

0.78

1.55

Table 4.3: Impact of shear assessment on the limit states of five pre-code reference
buildings using different earthquake scenarios
Reference Structure
40-St

Earthquake
Scenario

26-St

18-St

8-St

2-St

Limit State – Interstory Drift (%)
IO

LS

CP

IO

LS

CP

IO

Long
Period
Records

-

-

-

-

0.63

1.26

-

Short
Period
Records

-

0.65

1.3

-

0.34

0.6

-

LS

CP

IO

LS

CP

IO

LS

CP

0.505 1.01

-

-

-

-

-

-

0.34

-

-

-

-

-

-

0.47
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Table 4.4: Revised limit states of five pre-code reference buildings using different
earthquake scenarios considering shear assessment
Reference Structure
Pre-code Walls
Earthquake
Scenario

40-St

Pre-code Frames

26-St

18-St

8-St

2-St

Limit State – Interstory Drift (%)
IO

LS

CP

IO

LS

Long
Period
Records

0.34 0.89 1.78 0.34 0.63

Short
Period
Records

0.34 0.65

CP
1.26

IO

LS

CP

IO

LS

CP

IO

LS

CP

0.34 0.505 1.01
0.39 1.48 2.96 0.39 1.48 2.96

1.3

0.34

0.6

0.34

0.47

4.4 Derivation of Fragility Relationships Using THA
Taking into consideration the revised limit states of the present study, Table
4.4, improved fragility curves are developed in the present study and compared with
those derived in the study of Issa and Mwafy (2014). The adopted approach for
deriving fragility curves was discussed in Chapter 2. It was concluded in previous
studies that generating damage data using inelastic multidegree-of-freedom
simulations is the most accurate option. Hence, this approach is adopted. The input
ground motions are scaled using their PGA, which was selected as the input ground
motion intensity for deriving vulnerability relationships in the current and previous
studies related to the five reference buildings (Issa and Mwafy, 2014). Scaling
earthquake records using their PGAs relates the seismic forces directly to the input
accelerations. This simple scaling approach follows the method adopted by design
codes, and therefore used in several previous studies (e.g. Kwon and Elnashai, 2006;
Mwafy et al., 2015a; Mwafy and Elkholy, 2016).
Since shear assessment has observable impacts on shear wall structures,
revised fragility curves are only derived for this group of structures. Fragility curves
of the frame structures (i.e. 2 and 8-story buildings) developed in the above-
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mentioned study (Issa and Mwafy, 2014) are unaffected by the shear assessment
conducted in the present study, as shown in Figure 4.37(a&b). For the 18-story
building, the limit state exceedance probabilities significantly increase using the
revised performance limit states, particularly under the effect of near-source
earthquake records, as presented in Figure 4.37(c). Moreover, for the 26-story
building, the limit state exceedance probabilities also increase, but with less extent,
using the revised performance limit states, as shown in Figure 4.37(d). The steepness
of the CP and LS fragilities increases for both the 26 and 18-story buildings. On the
other hand, the fragility curves of the 40-story building under the far-field earthquake
records remain unaffected, while they increase under the near-source seismic events,
as shown in Figure 4.37(e).
The probability of exceeding limit states clearly describes the impact of shear
response on the probabilistic assessment study carried out for the five pre-code
reference structures. Figures 4.38 and 4.39 depict a comparison between the limit
state exceedance probabilities obtained from the far-field and near-source earthquake
records at twice the design PGA with and without the shear assessment of the shear
wall buildings. The probability of damage significantly increases for the CP and LS
limit states of the 26 and 18-story buildings under both far-field and near-source
seismic scenarios, while it increases for the 40-story building using the near-source
earthquake records only. The results clearly indicate that the damage probabilities
increase as height of structure decreases.
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Figure 4.37: Fragility curves of reference structures using far-field and near-source
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4.5 Concluding Remarks
Several experimentally verified shear strength models for RC columns and
shear walls were selected and implemented with other structural performance
indicators in a post processor to enable the reliable seismic assessment of RC
building response under earthquake loading. The presented sample results from IPA
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indicated that shear failure was detected in certain shear wall structures (i.e. 18 and
26-story buildings) unlike the case of frame buildings. From the dynamic response
simulation results, shear failure was observed in the shear wall structures under the
effect of both near-source and far-field earthquake records. Since higher modes of
vibration may amplify the shear demands in upper floors, especially for the tall
buildings (e.g. 40 and 26 story buildings), the shear response was monitored at
different building height. However, it was confirmed from previous vulnerability
assessment studies on tall buildings that shear failure is likely to occur near to the
foundation (Alwaeli et al., 2016a). For the frame structures, shear failure was only
observed in the 8-story building under the effect of near-source earthquake events.
For the 40-story building, the influence of shear assessment on the performance limit
states was insignificant under the effect of far-field records, while the shear failure
was detected much earlier under the near-source seismic events. For the 26 and 18story buildings, the impact of shear response on the results obtained from both farfield and near-source earthquake scenarios was observable. Therefore, revised limit
states were selected for both earthquake records. Fragility relationships were
developed considering the proposed performance limit states. The seismic
vulnerability relationships indicated that the CP and LS limit state exceedance
probabilities significantly increased, particularly for the relatively medium-rise shear
wall structures. Based on the seismic response of the five reference structures and the
limitations of the present study, the results confirmed that the damage probabilities
increase with decreasing the building height.
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Chapter 5: Performance Assessment of Code-Conforming Structures

under Multi-Axial Earthquake Loading
5.1 Introduction
The selected shear strength models are implemented in a post processor to
enable conducting reliable vulnerability assessment of code-conforming multi-story
buildings. The significance of the horizontal and vertical ground motions on the
response of the five modern reference structures discussed in Chapter 3 is assessed in
subsequent sections. It is noteworthy that the terms of shear strength models used in
this chapter are similar to those used in Chapter 4.
5.2 Assessment of Shear Demand – Supply Response at the Member Level
The shear performance assessment of the well-designed reference structures
is carried out using both the inelastic pushover analysis (IPA) and time history
analysis (THA). The shear assessment results of the buildings are presented in
subsequent sections at three critical story levels, namely the basement level, building
mid-height and the roof of each structure. The shear response is studied and any
signs of shear failure in structural members (i.e. core walls and shear wall) are
reported when the shear demand exceeds the capacity. This chapter summarizes the
obtained shear assessment results starting from IPA results, and then followed by the
seismic response under horizontal earthquake records as well as the results under
both horizontal and vertical components of seismic events.
5.2.1 Inelastic Static Pushover Analysis (IPA)
This analysis is conducted for the five shear wall buildings by applying
monotonically increasing lateral loads representing the mass distribution along the
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building height (Mwafy and Elnashai, 2001; Mwafy et al., 2006; Mwafy, 2011). The
analysis is carried out until the predefined collapse prevention limit state of the
structure is attained through controlling the top displacement. The shear supply and
the shear demand of structural members at different interstory drift ratios (IDRs) are
compared and discussed.
For the 50-story building, sample results for the shear response are presented
in Figures 5.1 and 5.2. Shear failure is not observed in the core walls at the basement
level up to IDR of 2.1% as per all of the selected shear strength models including the
code approach. For the core walls, the negative impact of ductility demands on the
shear supply under high levels of lateral loads and interstory drift ratios is shown
from the shear response predicted using the Priestley, Calvi and Wallace shear
strength models (Priestley et al., 1994; Wallace, 2010; Krolicki et al., 2011). The
maximum curvature ductility factor is 7.4, which results in flexural ductility factors,
k and γp, of 0.097 and 0.16 from the Priestley and Calvi models, respectively. This
level of curvature ductility significantly affects the shear strength predicted using all
shear strength models.
For the external shear walls, the effect of the ductility demand is observed
when the shear strength is predicted using the Priestley, Calvi and Wallace models
due to increasing the curvature ductility. The minimum flexural ductility factors are
0.12 and 0.18 in the Priestley and Calvi models, respectively. The maximum
curvature ductility of 6.7 also deteriorates the shear strength of the Wallace model
significantly. For the presented sample results, the shear response of the Priestley
model is comparable to the Calvi approach when the shear-span ratio is more than
2.0, and hence the cracking angle is 30 degrees. The shear response of the core walls
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is almost constant as per the design code approach (ACI-318, 2008), while it
increases with increasing the lateral loads in the external shear walls using the
Priestley and Calvi models due to the significant increase of axial loads in the
external vertical members. Shear failure is observed in the external shear walls as per
the over-conservative design code approach only, as shown in Figure 5.2.
The shear performance of the 40-story building is monitored during IPA. The
most vulnerable members are observed at the basement level. Figures 5.3 and 5.4
show the shear response of the core walls and external shear walls at the basement
level, respectively, in which shear failure is not detected as per the Priestley and
Calvi models up to IDR of 2.1%. Shear failure is observed in both structural
members using the Wallace model and design code approach. The effect of ductility
demand is clearly observed from the shear response predicted using the Priestley,
Calvi and Wallace models. The maximum curvature ductility factor is 12.0 and 8.0 in
the core walls and external shear walls, respectively, which results in flexural
ductility factors, k and γp, of 0.071 and 0.05 in the core walls, and 0.095 and 0.15 in
the external shear walls, as per the Priestley and Calvi models, respectively. The
above-mentioned curvature ductility factors have significant impact on the shear
response of the Wallace model in the core walls and external shear walls, as shown
in Figures 5.3 and 5.4. Since the shear-span ratio is more than 2.0 and the cracking
angle as per the Calvi model is 30 degrees, the shear strength of the Priestley model
is comparable to that obtained from the Calvi approach.
Sample results for the shear response of the 30-story building are presented in
Figures 5.5 and 5.6. Shear failure is not detected in the core walls at the basement
level, while it is observed in the external shear walls at the same level as per the
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Wallace model and conservative design code approach. Shear response is
significantly influenced by the axial loads with observable effects from ductility. A
degradation in shear strength is observed in the cases of the Priestley, Calvi and
Wallace models due to increasing ductility demands. The maximum curvature
ductility factor is 12.0 and 8.0 in the core walls and external shear walls,
respectively, which has significant impact on the shear strength of the Wallace
model. These curvature ductility factors result in flexural ductility factors, k and γp,
of 0.071 and 0.05 in the core walls, and 0.095 and 0.15 in the external shear walls, as
per the Priestley and Calvi models, respectively. For the presented sample results, the
shear-span ratio is more than 2.0, and hence the cracking angle as per the Calvi
model is 30 degrees. Therefore, the shear response of the Priestley model is
comparable to that obtained from the Calvi approach.
The shear response of the 20-story building is presented at the critical
basement level in Figures 5.7 and 5.8, in which the core walls and the external shear
walls do not fail in shear up to IDR of 1.8% as per the Priestley and Calvi models,
while they fail in shear using the Wallace model and design code approach. For the
presented results, the negative impact of ductility demands on the shear supply under
high levels of lateral loads is clearly shown from the shear response predicted using
the Priestley, Calvi and Wallace shear strength models. The deterioration in shear
strength is observed at lower IDRs compared to the high-rise buildings (i.e. 50 and
40-story building). For the core walls at the basement level, Figure 5.7, the maximum
curvature ductility factor is 21.0, which results in flexural ductility factors, k and γp,
of 0.05 from the Priestley and Calvi models, respectively. Also, such curvature
ductility factor significantly deteriorates the shear response using the Wallace model.
The shear response of the ACI approach is constant in the presented sample results.
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For the external shear walls shown in Figure 5.8, the maximum curvature ductility
factor is 11.0, which results in k and γp factors of 0.075 and 0.05 from the Priestley
and Calvi models, respectively. The above-mentioned curvature ductility factor
significantly reduces the shear supply using the Wallace model. For the presented
sample results, the shear-span ratio is more than 2.0, and the cracking angle is equal
to 30 degrees as per the Calvi model, and hence the shear response is similar from
both the Priestley and Calvi models.
Sample results for the shear response of 10-story building at the basement
level are shown in Figures 5.9 and 5.10. Shear failure is not observed in the
presented results as per the Priestley and Calvi models, while it is detected using the
Wallace approach and the conservative design code approach. Shear response is
significantly influenced by the axial loads and the ductility demands. For the core
walls presented in Figure 5.9, the maximum curvature ductility factor results in
flexural ductility factors, k and γp, of 0.05 from both the Priestley and Calvi models.
This curvature ductility factor sharply degrades the shear strength at early IDR using
the Wallace model, as shown in Figure 5.9. The shear-span ratio is between 1.5 and
2.0 in the core walls, and hence the cracking angle as per the Calvi model is 33
degrees while the shear-span ratio coefficient increases to 1.4. The shear response of
the Priestley model is comparable to that obtained from the Calvi approach. For the
external shear walls shown in Figure 5.10, the maximum curvature ductility factor is
15.0, which results in k and γp factors of 0.05 from the Priestley and Calvi models.
The shear strength predicted using the Wallace model is significantly influenced by
this level of the curvature ductility factor. The shear strength of the Calvi model is
similar to the Priestley approach due to the effect of the shear-span ratio, which is
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more than 2.0 and hence the cracking angle as per the Calvi model is 30 degrees,
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similar to the angle adopted by Priestley.
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Figure 5.1: Shear demand-supply response of core walls at the basement level
using IPA (50-story building)
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Figure 5.2: Shear demand-supply response of external shear walls at the basement
level using IPA (50-story building)
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Figure 5.3: Shear demand-supply response of core walls at the basement level
using IPA (40-story building)
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Figure 5.4: Shear demand-supply response of external shear walls at the basement
level using IPA (40-story building)

Shear Demand & Supply (kN)

122

25000
20000
V(Demand)

15000

V(ACI)
V(Wallace)

10000

V(Priestley)

5000

V(Calvi)
V max

0
0

0.5

1

1.5

Max. Interstory Drift %

Shear Demand & Supply (kN)

Figure 5.5: Shear demand-supply response of core walls at the basement level
using IPA (30-story building)
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Figure 5.6: Shear demand-supply response of external shear walls at the basement
level using IPA (30-story building)
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Figure 5.7: Shear demand-supply response of core walls at the basement level
using IPA (20-story building)
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Figure 5.8: Shear demand-supply response of external shear walls at the basement
level using IPA (20-story building)
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Figure 5.9: Shear demand-supply response of core walls at the basement level
using IPA (10-story building)

4000
3500
3000
V(Demand)

2500

V(ACI)

2000

V(Wallace)

1500

V(Priestley)

1000

V(Calvi)

500

V max

0
0

0.5

1

1.5

2

Max. Interstory Drift %

Figure 5.10: Shear demand-supply response of external shear walls at the
basement level using IPA (10-story building)
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5.2.2 Time History Analysis (THA)
This study focuses on investigating the effect of vertical ground motions on
the shear response of multi-story buildings with different heights. The maximum
effects of the vertical component of the input ground motion is typically observed
near active faults, while it diminutions away from the source (Papazoglou and
Elnashai, 1996). Hence, the effect of the vertical component of the input ground
motion is not significant when the seismic response of structures under far-field
earthquake records is investigated. Therefore, previous studies focused on the
significance of vertical components under the effect of near-source seismic scenarios
(e.g. Mwafy and Elnashai, 2006). A comprehensive probabilistic vulnerability
assessment of the reference structures under the effect of near-source and far-field
earthquake scenarios was already conducted by Mwafy (2012a). Recent vulnerability
assessment studies also confirmed the higher impact of near-source input ground
motions on the seismic response of multi-story shear wall buildings (e.g. Alwaeli et
al., 2014).
To investigate the impact of the vertical ground motion on the shear response
of the reference structures, a diverse range of near-source input ground motions is
adopted. A set of earthquake records representing a near-source seismic scenario is
selected for the current study based on a previous seismic hazard assessment study
(Mwafy, 2012d). The selected earthquake records were recorded near the source and
have high V/H ratios (1.43-2.87) (Mwafy, 2012c). The selected earthquake records
are divided to two groups; first group represents the horizontal components (HGMs)
of the adopted records while the second group is for their vertical components
(VGMs). Combinations between the two components are used in THA. The response
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spectra of HGMs along with the design spectrum of the adopted study region in the
present study (i.e. Dubai, UAE) are plotted in Figure 5.11. This figure shows that the
response spectra of the horizontal components of the selected earthquake records
have slightly lower amplifications than the design response spectrum. It is important
to note that the main criteria for the selection of input ground motions in the present
study is the V/H ratio. To investigate the significance of input ground motions, the
horizontal and vertical components of earthquake records are successively scaled up
to the attainment of shear failure. Hence, no matching of the horizontal components
of ground motion to the design spectrum was conducted. The response spectra of
VGMs are presented with their mean in Figure 5.12. Scaling earthquake records
using their PGAs in the inelastic simulations relates the seismic forces directly to the
input accelerations. A PGA of 0.32g, which corresponds to twice the design ground
motion, was selected as a scaling factor based on comparisons with the results of
previous studies (e.g. Mwafy, 2012a).
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Figure 5.11: Response spectra of nine HGMs with their mean and design spectrum
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Figure 5.12: Response spectra of nine VGMs with their mean
The shear response of the 50-story building using THA is monitored under
nine HGMs at different intensity levels. The average PGA corresponding to the first
indication of shear failure for the selected earthquake records is 2.09 g. Sample
results are presented in Figures 5.13 and 5.14, in which the core walls at the
basement level fail in shear at high PGA levels as per all of the selected shear
strength models and the design code approach. Shear response is significantly
influenced by the variation of axial loads, without observable effects from ductility.
For result of the core walls under the Coyote Lake record, the shear-span ratio is 1.7
and as per the Calvi model the cracking angle is 32 degrees and the shear-span ratio
coefficient is 1.3. The shear-span ratio of the core walls under the Organ Hill record
is 1.9 while the Calvi model predicts a cracking angle of 31 degrees, and hence the
shear-span coefficient is 1.1. Hence, the shear strength of the Calvi model in this case
is slightly lower than the Priestley approach.
The response of 50-story building is investigated using THA under the
combined effect of HGMs and VGMs (i.e. HVGMs) for the selected near-source
earthquake records. Shear failure is detected earlier compared with the case of HGMs
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only, with an average PGA of 1.44 g. Figure 5.15 presents shear demand-supply
response of the core walls at basement level, which fail in shear at eight times the
design PGA. All of the selected shear strength models predict shear failure in the
core walls at the basement level. The shear response is considerably influenced by
the variation of axial loads, while the ductility demand does not have impact on the
shear supply. Since the shear-span ratio is 2.0, the cracking angle as per the Calvi
model is 30 degrees and the shear-span ratio coefficient is 1.0. Thus, the shear
response of the Calvi model is comparable to the Priestley model. Shear failure is
observed in the core walls at the basement level under the Organ Hill record as per
all of the shear strength models and the design code approach, as shown in Figure
5.16. Shear response is significantly influenced by the variation of axial loads,
without observable effects from ductility. The shear-span ratio is more than 2.0, and
hence the cracking angle using the Calvi model is 30 degrees and the shear-span ratio
coefficient is 1.0. Therefore, the shear response of Calvi approach is comparable to
that obtained from the Priestley model.
For the 40-story building, a similar procedure is followed to assess the shear
performance of structural members using THA under the effect of HGMs. Shear
failure is observed at high intensity levels with an average PGA of 2.09 g. The core
walls at the basement level fail in shear, while no shear failure is detected in the
external shear walls. Sample results for the shear response under Morgan Hill and
Imperial Valley records are presented in Figures 5.17 and 5.18, respectively. For the
first sample result shown in Figure 5.17, the impact of ductility demands on the shear
supply under high intensity level is marginal from the shear strength predicted using
the Priestley, Calvi and Wallace shear models. The maximum curvature ductility
factor is 4.17, which results in k and γp factors of 0.23 and 0.25 from the Priestley
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and Calvi models, respectively. The shear-span ratio is 1.9, which results in a
cracking angle of 31 degrees as per the Calvi model and a shear-span ratio
coefficient of 1.11. For the results depicted in Figure 5.18, the shear-span ratio is 1.8,
which results in a cracking angle of 32 degrees as per the Calvi model and a shearspan ratio coefficient of 1.2. For both presented results, all shear strength models
detect shear failure, including the design approach. The shear response as per the
Calvi model is comparable to that obtained from the Priestley approach for both
presented sample results.
The 40-story building is also assessed under HVGMs. Shear failure is
detected at an average PGA of 1.51 g, which is lower than that of HGMs. Sample
results are presented in Figure 5.19, in which the core walls at the basement level fail
in shear. Ductility demand effect is not presented from the shear response detected
using the Priestley, Calvi and Wallace models. Shear failure also is predicted in the
core walls at the basement level under the effect of Imperial Valley record, as
depicted in Figure 5.20. Shear response is considerably influenced by the variation of
axial loads, without observable impacts from ductility. Shear failure is observed in
the shear response of the Priestley, Calvi and Wallace models and the design code
approach. For both presented sample results, shear-span ratio is more than 2.0, and
hence the cracking angle as per the Calvi model is 30 degrees and the shear-span
ratio coefficient is 1.0. Thus, the shear response of the Priestley model is comparable
to the Calvi approach.
For the 30-story building, shear failure is detected at an average PGA of 1.78
g, which is less than that observed for the 50 and 40-story buildings under HGMs.
Sample results for the shear response are presented in Figures 5.21 and 5.22, in
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which the core walls at the basement level fails in shear. All of the selected shear
strength models detect shear failure. For the Coyote Lake record shown in Figure
5.21, shear response is significantly influenced by the variation of axial loads,
without observable effects from ductility. Although the cracking angle as per the
Calvi model is conservative compared to the Priestley approach (i.e. 35 degrees) as a
result of low shear-span ratio of 1.3, the obtained shear-span coefficient of 1.7
increases the shear strength of the Calvi model to the same level of that predicted by
the Priestley model. The maximum curvature ductility factor under the ChiChi record
is 3.4, which results in k and γp factors of 0.27 and 0.278 from the Priestley and Calvi
models, respectively. Small deterioration is observed in the shear strength using the
Wallace model. The cracking angle as per the Calvi model is 30 degrees and the
shear-span ratio coefficient is 1.0 as a result of the shear-span ratio of 2.0.
The 30-story building is monitored to investigate the shear response using
THA under the effect of HVGMs. Shear failure under the effect of both HGMs and
VGMs is observed earlier when compared with the horizontal component only with
an average PGA of 1.35 g. Figure 5.23 presents sample results for the shear response
of the core walls at the basement level. Shear failure is observed as per the Priestley,
Calvi, Wallace models and the design code approach. The negative effect of ductility
demands is not observed from the shear response obtained using the Priestley, Calvi
and Wallace shear strength models. The shear-span ratio of 1.6 results in a cracking
angle of 33 degrees as per the Calvi model and a shear-span ratio coefficient of 1.4.
Hence, the shear response of the Calvi model increases due to such shear-span ratio
coefficient to be similar to the Priestley model. Additional results for the shear
response of the core walls under the effect of ChiChi record are illustrated in Figure
5.24. Shear response is significantly influenced by the variation of axial loads,
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without observable effects from ductility. The shear response of the Calvi model is
comparable to the Priestley model because of the obtained shear-span ratio is more
than 2.0, and thus the cracking angle using the Calvi model is 30 degrees and the
shear-span ratio coefficient is 1.0.
For the 20-story building, the shear performance assessment is conducted
using THA under the effect of HGMs. The average intensity level at shear failure
obtained from the selected earthquake scenarios is less than those of previous
reference structures. Sample results for the shear response are presented in Figures
5.25 and 5.26. Shear failure is observed in the core walls at the basement level, while
no shear failure is detected in the external shear walls. For the presented sample
results, shear failure is observed as per the Priestley, Calvi, Wallace shear strength
models and the design code approach. The negative impact of ductility demands on
the shear strength models is shown from the shear response developed using the
Priestley, Calvi and Wallace shear strength models. For the core walls presented in
Figure 5.25, the maximum curvature ductility factor is 3.5, which results in k and γp
factors of 0.264 and 0.273 from the Priestley and Calvi models, respectively. The
shear response as per the Calvi model increases with the increase in the shear-span
ratio coefficient (1.3). The calculated cracking angle in this case is 32 degrees. For
the core walls presented in Figure 5.26, the maximum curvature ductility factor is 3,
which results in k and γp factors of 0.28 and 0.286 from the Priestley and Calvi
models, respectively. For the same core walls presented in Figure 5.26, the shearspan ratio is 1.12, which results in a high cracking angle of 37 degrees as per the
Calvi model and high level of shear-span ratio coefficient of 1.9.
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The shear assessment is carried out to the 20-story building under the effect
of HVGMs. Shear failure is observed earlier under HGMs and VGMs when
compared with HGMs only. Shear failure is detected at an average earthquake
intensity level PGA of 1.1 g. The presented sample results indicate that all shear
strength models predict shear failure including the design code approach, as depicted
in Figures 5.27 and 5.28. For the core walls at the basement level, the negative
impact of ductility demands on the shear supply is shown from the shear response of
the Priestley, Calvi and Wallace shear strength models. The maximum curvature
ductility factor is 4.6, which results in k and γp factors of 0.21 and 0.24 from the
Priestley and Calvi models, respectively. For the core walls presented Figure 5.28,
shear response is significantly influenced by the variation of axial loads, without
observable effects from ductility. The shear-span ratio is 1.8, and therefore the shearspan ratio coefficient is 1.2 and the cracking angle as per the Calvi model is 31
degrees. Hence, the shear strength of the Priestley model is comparable to that
obtained from the Calvi approach.
The 10-story building is investigated to detect the shear strength under the
effect of HGMs component. Shear failure is observed at an average earthquake
intensity level PGA of 0.96 g, which is the least value when compared with the other
four reference structures under the impact of HGMs. Shear failure is observed in the
core walls at the basement level, while no shear failure is detected in the external
shear walls. From the shear strength predicted using the Priestley, Calvi and Wallace
models, the negative impact of ductility demands on the shear strength is clearly
shown in Figures 5.29 and 5.30. For the core wall under the Imperial Valley record,
the curvature ductility factor increases to 10 and results in k and γp factors of 0.08
and 0.077 from the Priestley and Calvi models, respectively. For the same core walls,
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the shear-span ratio is 1.4, which results in a cracking angle of 35 degrees as per the
Calvi model and a shear-span ratio coefficient of 1.6. Hence, the shear supply of the
Calvi model is comparable to that of the Priestley approach. For the core walls
presented in Figure 5.30, the maximum curvature ductility factor is 5.8, which results
in k and γp factors of 0.15 and 0.2 from the Priestley and Calvi models, respectively.
The shear-span ratio is 1.6, which leads to a cracking angle of 33 degrees as per the
Calvi model and a shear-span ratio coefficient of 1.4. For the presented sample
results, the shear strength of the Wallace model is significantly affected by increasing
the curvature ductility factor.
The response of 10-story building is monitored using THA under HVGMs.
The two components of each earthquake record are applied with different intensity
levels till the shear failure is detected. The average earthquake intensity level PGA is
0.73 g, which is the least observed level under the effect of HGMs and VGMs when
compared with the other reference structures. Shear failure is observed in core walls
at the basement level, as shown in Figures 5.31 and 5.32, respectively. All of the
selected shear strength models and the design code approach detect shear failure. For
the core wall presented in Figure 5.31, shear response is significantly influenced by
the variation of axial loads with observable effects from ductility demands. The
maximum curvature ductility factor is 15, which results in k and γp factors of 0.05
from both the Priestley and Calvi models. Since the shear-span ratio is very low
(1.3), it results in a conservative cracking angle of 35 degrees as per the Calvi model
and a high shear-span ratio coefficient of 1.7. Thus, the capacity of the Priestley
model is similar to that of the Calvi model, as depicted in Figure 5.31. For the core
walls shown in Figure 5.32, the shear strength is influenced by the fluctuation of
axial loads and ductility demands. The maximum curvature ductility factor is 3.6,
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which results in k and γp factors of 0.26 and 0.27 from the Priestley and Calvi
models, respectively. The predicted shear-span ratio (1.8) results in a cracking angle
of 32 degrees as per the Calvi model and a shear-span ratio coefficient of 1.2.
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5.3 Selection of Limit States
Based on the large amount of shear response results presented for the five
reference structures, it is clear that shear strength predicted using the Priestley and
Calvi models are comparable, while the Wallace approach results in a slightly lower
prediction of shear supply. It was confirmed from previous studies that the code
approach is over conservative (Mwafy and Elnashai, 2008). Hence, it is decided in
the present study to adopt the experimentally verified models of Priestley, Calvi and
Wallace. Local member failure is considered when the above mentioned three
models predict shear failure.
Shear response is evaluated based on the median response from the selected
earthquake records shown in Figures 5.11 and 5.12 to account for the record-torecord variability. For the reference buildings, IDRs are obtained at the first
indication of shear failure using THA under the effect of near-source earthquake
records. The average IDRs when shear failure is recorded in the five reference
buildings are presented in Figures 5.33 and 5.34 for HGMs and HVGMs,
respectively. The average IDRs values at shear failure obtained from HGMs are
much more than those from HVGMs. This is a clear indication that the reference
structures are more vulnerable under the effect of HVGMs. The higher impact of
HVGMs on the seismic response of the reference structures is mainly due to
increasing the variability of axial loads in vertical structural members, and hence the
significant variability of shear supply which may be exceeded by shear demand, as
shown from Figures 5.13 to 5.32. It is noteworthy that IDRs decrease along with
decreasing the height of the building for the presented results. This is attributable to
the reduction in the shear-span ratio, and hence the response of shorter buildings is
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more dominated by shear. In order to accurately quantify the damage level of multistory shear wall building, the results suggest adopting input ground motion scenariostructure-based limit state criteria.

PGA (mean)
2.09
1.78
1.24
0.96

3.5
3

50-St

40-St

30-St

20-St

10-St

PGA (g)

2.5

(40-St) Avg. IDR= 11 (at PGA= 2.09)
(50-St) Avg. IDR= 13 (at PGA= 2.09)

2

(30-St) Avg. IDR= 2.75 (at PGA= 1.78)
(20-St) Avg. IDR= 2 (at PGA= 1.24)

1.5
1

(10-St) Avg. IDR= 1.402 (at PGA= 0.96)

0.5
0

agr

arl

dh

g02

g04

mvh

tcu

wsm

gaz

Input ground motion

Figure 5.33: Average IDRs at the first indication of shear failure for five modern
code-designed reference buildings under the effect of HGMs
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Figure 5.34: Average IDRs at the first indication of shear failure for five modern
code-designed reference buildings under the effect of HVGMs
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The performance criteria of the five well-designed shear wall structures were
selected in a previous vulnerability assessment study by Ashri and Mwafy (2014)
without considering the impact of shear response, as shown in Table 5.1. In the
current study, limit state criteria are selected according to the THA results,
considering the impact of shear and multi-axial components of earthquake records.
Excluding shear assessment, the IDR corresponding to the CP limit state was 2.27 %,
of modern shear wall structural systems. For the 40 and 50-story buildings, the
impact of shear assessment on the results under the effect of HGMs and HVGMs is
insignificant, and hence no changes in limit states are adopted. For the 30-story
building, the effect of the shear assessment on the results obtained from HGMs only
is also insignificant, as shown in Table 5.2. Shear failure is observed earlier under the
combined effect of HVGMs when compared with HGMs, as shown in Tables 5.2 and
5.3. For the 20 and 10-story buildings, the influences of shear assessment on the
results obtained from HGMs and HVGMs are observable, as presented in Table 5.2
with higher effect under the multi-axial ground motions. Revised CP limit states are
therefore selected for the above mentioned input ground motion scenarios. The
adopted limit states in the current study are summarized with those proposed by
Ashri and Mwafy (2014) in Table 5.3. It is noteworthy that the LS limit state is
considered 50% of the CP level as per ASCE/SEI-41 (2007).
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Table 5.1: Summary of IDRs corresponding to different limit states (Ashri and
Mwafy, 2014)
Structural System
Modern Frames System
Modern Walls System
Limit State - Interstory Drift (%)
IO
LS*
CP
IO
LS*
CP
1.00
2.00
4.00
0.50 1.00
2.00
…
…
4.00
…
…
…
…
…
6.60
…
…
…
…
…
5.90
…
…
…
…
…
7.20
…
…
…
…
…
8.90
…
…
…
0.40
…
3.00
0.40 1.50
2.50
…
…
…
0.30 …
2.39
…
…
…
0.35 0.89
2.36
…
…
…
0.50 1.00
2.27
1.30
…
…
0.50 …
…
1.40
…
…
0.60 …
…
1.60
…
…
0.70 …
…
1.80
…
…
0.80 …
…
1.00
…
6.00
0.50 …
5.50
1.30
…
7.40
0.60 …
7.30
1.80
…
9.10
0.80 …
9.50
1.00
2.00
4.00
0.50 1.135 2.27

Selection Approach

ASHRI AND
MWAFY (2014)

Previous studies

(ASCE/SEI-41, 2007, 2013)
Dymiotis et al. (1999) - before Failure
Dymiotis et al. (1999) - at Failure
Haselton et al. (2010) - 16%
Haselton et al. (2010) - 50%
Haselton et al. (2010) - 84%
Ghobarah (2004)
Beyer et al. (2008)
Panagiotou et al. (2010)
Lehman et al. (2013)
IPA
THA - 16%
THA - 50%
THA - 84%
IDA - 16%
IDA - 50%
IDA - 84%
Selected Limit State

Table 5.2: Impact of shear assessment and VGMs on the limit state of code-designed
shear wall structures
Reference Structure
50-St

Earthquake
Scenario

40-St

30-St

20-St

10-St

Limit State – Interstory Drift (%)
IO

LS

CP

IO

LS

CP

IO

LS

CP

IO

LS

CP

IO

LS

CP

HGMs

-

-

-

-

-

-

-

-

-

-

1

2

-

0.71 1.402

HVGMs

-

-

-

-

-

-

-

1.01

2.02

-

0.85

1.7

-

0.6

1.2

Table 5.3: Revised limit states of code-designed shear wall buildings using different
earthquake scenarios considering shear assessment
Reference Structure
50-St

Earthquake
Scenario

40-St

30-St

20-St

10-St

Limit State – Interstory Drift (%)
IO

LS

CP

IO

LS

CP

IO

LS

CP

IO

LS

CP

IO

LS

CP

HGMs

0.5 1.135 2.27

0.5 1.135 2.27

0.5 1.135 2.27

0.5

1

2

0.5

0.71 1.402

HVGMs

0.5 1.135 2.27

0.5 1.135 2.27

0.5

0.5

0.85

1.7

0.5

0.6

1.01

2.02

1.2

5.4 Derivation of Fragility Relationships Using THA
Fragility curves are developed based on the revised limit states of the present
study in addition to those proposed in the study of Ashri and Mwafy (2014), as
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shown in Table 5.3. Fragility curves of the 50 and 40-story buildings are unaffected
by the shear assessment under HGMs and HVGMs, as depicted in Figure 5.35(a) and
Figure 5.35(b), respectively. For the 30-story building, the limit state exceedance
probabilities increase under HVGMs using the revised performance limit states,
while the fragility curves are not affected by the shear assessment under HGMs, as
shown in Figure 5.35(c). For the 20-story building, the limit state exceedance
probabilities increase under both HGMs and HVGMs, as presented in Figure 5.35(d).
For the 10-story building, the limit state exceedance probabilities also increase but
with higher extent under HGMs and HVGMs using the revised performance limit
states, as shown in Figure 5.35(e). The steepness of the CP and LS fragilities
significantly increases for the 20 and 10-story buildings under HVGMs compared
with HGMs only, particularly when considering the performance limit states of the
present study, as illustrated in Figure 5.36(a) and Figure 5.36(b).
The probability of exceeding limit states shown in Figures 5.35 and 5.36
clearly describe the impact of shear assessment and VGMs on the vulnerability of
modern code-designed shear wall structures. Figures 5.37 and 5.38 depict a
comparison between the limit state exceedance probabilities obtained from using
different combinations of the horizontal and vertical components of the selected
earthquake records at four times the design PGA with and without the shear
assessment of the reference buildings. The damage probabilities significantly
increase for the 10 and 20-story buildings under both HGMs and HVGMs
particularly for the CP and LS limit states, while the damage probabilities increase
for the 30-story building only when HVGMs are used in assessment. This shows that
the probability of exceeding limit states generally increases for lower shear wall
buildings, particularly under the effect of HVGMs.
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Figure 5.35: Fragility curves of five reference structures using HGMs and HVGMs
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Figure 5.36: Comparison of the fragility curves of the 10 and 20-story buildings
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Figure 5.37: Impact of shear assessment on limit state exceedance probabilities of
five code-designed shear wall reference buildings (four times the design PGA)
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Figure 5.38: Impact of shear assessment and VGMs on limit state exceedance
probabilities of five code-designed shear wall reference buildings (four times the
design PGA)
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5.5 Concluding Remarks
Based on several experimentally verified shear strength models adopted in the
present study, shear performance assessment was carried out using IPA and THA.
The extensive dynamic response simulations presented in this chapter demonstrated
that shear failure was observed in the five well-designed shear wall reference
buildings under the effect of both HGMs and HVGMs. Since higher modes of
vibration may amplify the shear demands at the upper floors in tall structures, the
shear response was monitored in the present study for various structural elements at
different building heights. Shear failure was mainly detected in core walls near to the
foundation since they attract significant forces due to their higher stiffness. The
results confirmed the conclusions of recent vulnerability assessment studies
regarding the susceptibility of shear wall structures to shear failure, particularly the
core walls near the foundation (e.g. Alwaeli et al., 2016a). For the 50 and 40-story
buildings, the impact of shear assessment on the performance limit states was
insignificant under the effect of HGMs and HVGMs. For the 30-story building, the
influence of shear assessment on the performance criteria was shown only under the
effect of HVGMs. For the 20 and 10-story buildings, the effects of shear assessment
on the results obtained from HGMs as well as under the effect of HVGMs were
observable, and thus revised limit states were selected for both input ground motion
scenarios. Based on the comprehensive results of the current study, ground motionscenario-structure-based performance limit states were adopted in which certain
performance criteria were used based on the input records and the structure.
Improved fragility curves were derived by considering the revised performance limit
states. The vulnerability assessment of five reference structures indicated that the
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limit state exceedance probabilities increased for the LS and CP performance criteria,
especially for low to medium-rise shear wall structures (i.e. 30, 20 and 10-story
buildings) under the effect of both HGMs and HVGMs. The results presented in this
chapter confirmed that the damage probabilities of shear wall buildings increase with
decreasing the building height.
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Chapter 6: Confirmatory Shaking Table Testing
6.1 Introduction
Confirmatory shaking table experiment is conducted in this study for the
shear vulnerable columns of an RC frame specimen that represents substandard
buildings. The test provides further insights and verification for the shear response of
RC members under cyclic loading. It is also conducted to select the proper shear
strength model for the prediction of shear failure. This chapter discusses in details
the description and preparation of shake table test specimen, test setup,
instrumentation, selection of input ground motions, test results, and comparisons
between dynamic response simulations and shake table test results.
6.2 Description of Test Specimen
The test specimen consists of two RC frames; each one consists of two
columns supported by a strap beam and interconnected with a girder. The beamcolumn joint has a larger cross-section and higher steel ratio compared with other
members to make it strong against joint failure. The columns of the specimen
represent those of a 2-story building that was designed to resist gravity and wind
loads only so that it represents pre-code low-rise structures. The tested columns are
external columns, as illustrated in the layout of the prototype 2-story building (Figure
6.1). Taking into consideration the capacity of the UAEU shaking table and
structural laboratory, the test specimen is scaled to half of the prototype in geometric
dimensions. For instance, the length of the prototype column is 3.2 m while the
length of the tested specimen is 1.6 m. The simple law of similitude is applied for
calculating different scaling factors (Krawinkler, 1988). According to such law, the
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specimen is constructed with same materials as the prototype. Table 6.1 summarizes
general details of the tested columns. The reinforcing steel details of the shaking
table test specimen are shown in Figure 6.2. The two columns of each frame have
different longitudinal reinforcement ratios to enable verifying the impact of different
flexural ductility levels on the shear response of RC columns. It is noteworthy that
the two frames have the same dimensions, reinforcement details and materials
properties.

Figure 6.1: Layout of the 2-story building showing the selected columns for the
shaking table testing

Table 6.1: General details of the test specimen
Column ID Column section (mm) Vertical reinforcement Horizontal reinforcement
C12

200x150

6#12

#6@300mm

C16

200x150

6#16

#6@300mm

Figure 6.2: 1:2 shake table test specimen
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6.3 Construction of Shake Table Specimen
6.3.1 RC Frames
The specimen is constructed and prepared for testing in several steps. The
longitudinal and transverse steel bars are cut to the required lengths and then the steel
cages are fabricated and assembled, as shown in Figure 6.3(a). The steel cages are
installed inside a timber form to be ready for the concrete casting, as presented in
Figure 6.3(b). Before casting, several uniaxial strain gauges (TML® FLA-5-11-5L)
are bonded to the reinforcing steel bars. The ribs are removed and the steel surface is
carefully prepared to be flat and clean. Each strain gauge is bonded to the surface of
the steel bar by a strong adhesive and protected by a coating tape to avoid any
damage during concrete casting. For more protection, an insulation tape is wrapped
around the coating tape. Figure 6.4 shows the installation of the strain gauges to the
reinforcing steel bars. Subsequently, the concrete casting of the specimen is
conducted in a casting site adjacent to the concrete laboratory of the UAEU, as
shown in Figure 6.5(a). Several trial mixes are made before casting of concrete to
identify the required compressive strength of the concrete for a substandard building.
The adopted mixture achieves an average cube compressive strength of 26 MPa after
28 days, which is close to the target strength (25 MPa). The specimen is compacted
by a hand held-vibrator and trowel finished at the end of concrete casting, as
illustrated in Figure 6.5(b & c). The last stage after casting is the curing of the
specimens, which are covered with burlap and polyethylene sheets for 28 days to
maintain an adequate level of humidity around the frames (Figure 6.6).
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a) Assembled steel cage

b) Steel cage inside timber form

Figure 6.3: Steel cages and timber form

a) Protective coating of strain gauge

b) Final stage of installing strain gauges

Figure 6.4: Installation process of strain gauges

a) Pouring of concrete

b) Hand held vibrator

c) Trowel finishing

Figure 6.5: Casting process of concrete
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Figure 6.6: Curing of RC frame
Main materials used in the construction of the specimen are concrete mix and
reinforcing steel bars. The concrete mixture consists of fine and coarse aggregates
which are available in the concrete laboratory of the UAEU. Ordinary Type1
Portland cement is used in the concrete mix which is supplied from the local market.
The proportions by weight of the concrete mix are illustrated in Table 6.2. The
coarse aggregate is crushed dolomite with 10 mm maximum size. The fine aggregate
is a mixture of dune sand and crushed stone sand (i.e. each type constitutes 50% of
the total amount of the fine aggregate). The water-to-cement ratio is 0.7. A total of
twelve cubes (100 mm x 100 mm x 100 mm) are sampled during casting of the
specimen. Such cubes are cured similar to the curing of the specimen. In order to
predict the compressive strength of the concrete at different ages, four cubes are
tested at 7 days and four cubes are tested at 28 days, while the remaining cubes are
tested on the day of the shake table testing. Table 6.3 shows the results of the average
compressive strength for each of the cube sets.
The steel reinforcement is acquired from a local supplier. The longitudinal
reinforcement of the columns consists of No.12 (12 mm diameter) and No.16 (16
mm diameter) deformed bars, while the frame beam and footing strap beam include
No.10 (10 mm diameter) deformed bars only. No.6 (6 mm diameter) deformed bars
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are used as transverse reinforcement in all structural parts of the specimen. Samples
of the longitudinal and transverse reinforcement are tested under uniaxial tension in
an approved local laboratory to predict the steel yielding and ultimate strengths and
the results are given in Table 6.4. It is noteworthy that the column with No.12
longitudinal reinforcement is denoted hereafter C12, while the other column with
No.16 longitudinal reinforcement is denoted C16.
Table 6.2: Concrete mix proportions by weight used for casting RC frames
Fine aggregates

Course aggregates

Cement
1

Water
Dune sand

Crushed stone sand

10 mm

1.09

1.09

3.42

0.7

Table 6.3: Concrete compressive strength results of RC frames (fcu, MPa)
Sample number
Period

Average
1

2

3

4

7-days

18.8

19.2

17.9

18.3

18.55

28-days

26.4

30.9

25.8

27.3

27.6

Test day

37.2

40.7

38.2

39

38.8

Table 6.4: Tensile test results of reinforcing steel coupons
Bar Size

fy (MPa)

fu (MPa)

No. 6 (6 mm diameter)

353

371

No. 12 (12 mm diameter)

591

714

No. 16 (16 mm diameter)

599

687

6.3.2 Specimen Mass
In order to account for the expected inertia forces on the test specimen during
the shaking table testing, the specimen supports an equivalent mass that takes into
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consideration the anticipated inertia forces and the limitations of shake table. Hence,
three tons consisting of RC blocks are applied to the test specimen. In total, six RC
blocks with a length of 1.0 m, width of 0.9 m and depth of 0.22 m each are thus
casted. The weight of each block is 0.5 ton. A steel box and six steel cages are
fabricated and assembled in the local market. The reinforcement steel bars consist of
No.12 (12 mm diameter) deformed bars. The top view of the steel box including the
steel cage in addition to side views are presented in Figure 6.7. In each of the steel
cages nine threaded steel pipes each with a length of 0.22 m are attached to the steel
bars. This enables carrying such blocks by hooks and supporting them on hangers by
steel rods through these pipes during the test.
Ordinary Type1 Portland cement is used in the concrete mix of the blocks
which is supplied from the local market. The other materials of the concrete mix are
obtained from the concrete laboratory of the UAEU as presented in Figure 6.8. The
proportions by weight of the concrete mix are illustrated in Table 6.5. The target
concrete compressive strength is 38 MPa. The water cement ratio is 0.58, while the
fine and coarse aggregates are selected as previously discussed in the concrete
mixture of the specimen. The casting of the blocks was conducted over three weeks
(Figure 6.9). After the casting of each RC block, the steel box is removed, cleaned
and reassembled for the next casting cycle, as shown in Figure 6.10. The RC blocks
are compacted by a hand held vibrator (Figure 6.11) and trowel finished at the end of
casting. The mass blocks are covered immediately after casting by polyethylene and
burlap sheets to reduce the water evaporation, as shown in Figure 6.12. For each of
the mass blocks, the curing process continued for 28 days by water spraying the
burlap sheets twice a day. In each of the casting cycles, six cubes (100 mm x 100 mm
x 100 mm) are sampled and subjected to the same curing process. Compressive
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strength tests are conducted for three concrete cubes at 7 days and for the remaining
cubes at 28 days. The compressive strength of each of the concrete mixtures is given
in Table 6.6.

Section A-A

Section B-B

a) Top view

b) Side views

Figure 6.7: Details of RC block used as specimen mass

Table 6.5: Concrete mix proportions by weight of specimen mass
Cement
1

Fine aggregates

Course aggregates

Dune sand

Crushed stone sand

10 mm

1.04

1.04

3.06

Figure 6.8: Weighing aggregates in the UAEU concrete laboratory

Water
0.58
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Figure 6.9: Casting concrete inside steel box

a) Removing and cleaning of the
steel box

b) Steel cage inside the assembled
steel box

Figure 6.10: Preparation of the steel box for casting of RC mass blocks

Figure 6.11: Hand held vibrator used for compacting fresh concrete
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a) Polyethylene sheet

b) Burlap sheet

Figure 6.12: Curing process of RC mass blocks
Table 6.6: Concrete compressive strength results of specimen mass (fcu,MPa)
Sample#
Mixture 1
Mixture 2
Mixture 3

Period
7-days
28-days
7-days
28-days
7-days
28-days

1
28.7
37.7
30.8
37.0
26.1
33.2

Sample number
2
29.1
37.6
30.4
36.3
25.7
33.7

3
30.1
36.5
29.1
41.6
27.7
34.0

Average
29.3
37.3
30.1
38.3
26.5
33.6

6.4 Test Setup
6.4.1 Safety Steel Frame
A steel frame is designed, fabricated and erected around the shaking table to
provide additional safety and prevent any potential damage to the equipment during
the test in case of collapse. Some steel elements were available in the storage area of
the UAEU laboratory as parts of an old frame including two steel columns and four
bracings. The remaining steel elements are designed as part of the current study and
then fabricated and supplied by a local supplier. The safety frame consists of two

165
columns with two beams, four bracing elements and four knees. The details of the
safety steel frame are shown in Figures 6.13, 6.14 and 6.15. In-situ works are
conducted to drill additional holes at the base of the existing columns as well as to
weld all of the end plates to the beams and knees, as shown in Figure 6.16. Deep
holes are also drilled in the strong concrete floor of the structural laboratory to install
the anchor bolts of the safety frame (Figure 6.17(a)). The assembling and erecting of
the steel frame is shown in Figure 6.17(b). It is noteworthy that the Hilti® anchor
bolts are manufactured for the dynamic applications (Figure 6.17(c)). Figure 6.17(d)
shows the final safety steel frame after being assembled around the shaking table.
6.4.2 Test Specimen
The RC specimen, which consists of two portal frames, is moved to the
UAEU structural laboratory and anchored to the shaking table, as shown in Figure
6.18. The two frames are connected by four steel beams to carry the applied mass.
The steel beams have hollow section SHS 20 x 10 x 5, and are attached to the
specimen by using threaded rods. Four additional steel beams with hollow section
SHS 10 x 10 x 5 are used in the transverse direction of the above-mentioned beams
to act as hangers for the RC mass blocks (i.e. two beams at the top and two beams at
the bottom). The top and bottom beams are interconnected to each other by using
threaded rods, which are inserted through the steel pipes of the RC blocks. Three
blocks are installed above each other and carried by forklift and 10-ton crane, as
shown in Figure 6.19. Figure 6.20 shows the final position of the mass on the
specimen which is connected to the safety steel frame by several lose straps to
prevent any damage in case of failure during the test.
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a) Steel Columns

b) Steel beams

c) Steel bracings

d) Steel frame knees

Figure 6.13: Different elements of steel frame

Shake Table

Figure 6.14: Drawing of the entire steel frame around the shake table

Figure 6.15: Details of new steel elements type UB 305 x 165 x 54
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a) Welding of end plates

b) Drilling holes of the column base
plate

Figure 6.16: In-situ steel works

a) Drilling hole in strong floor and
fixing bolts

b) Assembling of steel frame

c) Hilti® HSL-3 anchor bolt
d) Safety steel frame
(Hilti®, 2015)
Figure 6.17: Different stages of the steel frame erection

Frame # 2

Frame # 1
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Figure 6.18: Fixing of RC frames on the shake table

Frame # 2

Frame # 1

Figure 6.19: Side view of specimen with mass and steel beams

Figure 6.20: Full setup of the specimen on the shake table
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6.5 Instrumentation
The instrumentations of the experiment include displacement transducers,
strain gauges and accelerometers. Linear variable differential transducers (LVDTs)
with a capacity of 100 mm (TML® CDP-100) are used to measure the displacement
and deformation of the specimen. Four LVDTs are used in this experiment (i.e. two
LVDTs for each frame). Moreover, eighteen strain gauges are attached to the
reinforcing steel bars of each of the RC frames. The strain gauges are installed on the
longitudinal steel bars of each column in six locations, namely above the strap beam
and below the top RC beam, while they are installed on the transverse steel bars in
three places in each column, as shown in Figure 6.21. Finally, six accelerometers are
used to measure the acceleration of the specimen at different directions. Two types of
tri-axial accelerometers are used in the test, TML® ARJ-100A-T and ARJ-200A-T.
The first type is used to monitor the acceleration in the shake table moving direction
(X), while the second type records the acceleration in three directions (X, Y and Z).
Three accelerometers are thus installed on each frame, two uni-axial that are placed
on the strap beam and the top RC beam, in addition to a tri-axial accelerometer that is
placed on the top RC beam. Figure 6.22 presents the locations of accelerometers
including a close look to an accelerometer installed on the strap beam. In addition to
the controller of the MTS® shaking table, which monitors the equipment, two 30channel dynamic digital strainmeter (TML® DRA-30A) connected to laptops are
used to record all results and measure the accelerations and deformations of the two
RC frames. Figure 6.23 shows the final setup of the test specimen including the data
loggers. Tables 6.7 and 6.8 illustrate the channel number of all measuring
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instruments with their locations in data logger #1 and #2, respectively. Data logger
#1 is used to monitor the right frame, while data logger #2 is used for the left frame.

12VT1
12HT
12VT2
12VT3
12HM
12VB3
12VB2
12HB
12VB1

Strain gauge

Strain gauge
reference

16VT1
16HT
16VT2
16VT3
16HM
16VB3
16VB2
16HB
16VB1
Strain gauge
reference

V: Vertical reinforcement; H: Horizontal reinforcement; T: Top of column; B: Bottom of column; M:
Middle of column; 12: Reinforcement diameter of reinforcing bar of the left column; 16: Reinforcement
diameter of reinforcing bar of the right column

Figure 6.21: Strain gauge locations

Accelerometer type
Uni-axial accelerometer
Tri-axial accelerometer

Excitation direction

Figure 6.22: Side view of the specimen showing the location of the acelerometers
(top) and a close look to an acelerometer fixed to the specimen (bottom)

Frame # 2

Frame # 1
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a) Full setup of the specimen

b) Dynamic digital strainmeter (TML® DRA-30A)
Figure 6.23: Final setup before conducting the test
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Table 6.7: Instrumentation list (data logger #1)
Channel #

Instrument type

Reference

Description

As shown in Figure 6.21 and Figure 6.22

1
Strain Gauge
R12VT3
2
Strain Gauge
R12VT1
3
Strain Gauge
R12VT2
4
Strain Gauge
R12VB3
5
Strain Gauge
R12VB1
6
Strain Gauge
R12VB2
7
Strain Gauge
R12HT
8
Strain Gauge
R12HM
9
Strain Gauge
R12HB
10
Strain Gauge
R16VT3
11
Strain Gauge
R16VT1
12
Strain Gauge
R16VT2
13
Strain Gauge
R16VB3
14
Strain Gauge
R16VB1
15
Strain Gauge
R16VB2
16
Strain Gauge
R16HT
17
Strain Gauge
R16HM
18
Strain Gauge
R16HB
23
Accelerometer
R12T
24
Accelerometer
RB
25-26-27
Accelerometer
R16T
28
LVDT
R16
29
LVDT
R12
R: Right frame; V: Vertical reinforcement; H: Horizontal reinforcement; T: Top of column; B: Bottom
of column; M: Middle of column

Table 6.8: Instrumentation list (data logger #2)
Channel #

Instrument type

Reference

Description

As shown in Figure 6.21 and Figure 6.22

1
Strain Gauge
L12VT3
2
Strain Gauge
L12VT1
3
Strain Gauge
L12VT2
4
Strain Gauge
L12VB3
5
Strain Gauge
L12VB1
6
Strain Gauge
L12VB2
7
Strain Gauge
L12HT
8
Strain Gauge
L12HM
9
Strain Gauge
L12HB
10
Strain Gauge
L16VT3
11
Strain Gauge
L16VT1
12
Strain Gauge
L16VT2
13
Strain Gauge
L16VB3
14
Strain Gauge
L16VB1
15
Strain Gauge
L16VB2
16
Strain Gauge
L16HT
17
Strain Gauge
L16HM
18
Strain Gauge
L16HB
23
Accelerometer
L12T
24
Accelerometer
LB
25-26-27
Accelerometer
L16T
28
LVDT
L16
29
LVDT
L12
L: Left frame; V: Vertical reinforcement; H: Horizontal reinforcement; T: Top of column; B: Bottom
of column; M: Middle of column
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6.6 Selection of Input Ground Motion
The specimen is subjected to the horizontal component of a scaled input
ground motion. A number of considerations control the selection of the earthquake
record used in the test, including the maximum displacement and frequency of the
shaking table which are 250 mm and 50 Hz, respectively. The 6.93M Loma Prieta
earthquake of October 18, 1989, recorded at Emeryville, USA, is selected for this test
to represent the far-field seismic scenario. As previously discussed, this earthquake
scenario is recommended for the study region (Dubai, UAE). This scenario-based
earthquake record is selected since it has high amplifications up to 1.75 sec, as
illustrated in Figure 6.24. Figure 6.25 shows the acceleration, velocity, displacement
histories as well as the Fourier amplitude spectrum of the Loma Prieta-Emeryville
earthquake record when scaled to the design intensity level (0.16 g) recommended
for the study region (Mwafy et al., 2006; Seismosoft, 2013). The input ground
motion is applied using the time scale factor of 1/√2, as per the simple law of
similitude. The input ground motion is applied to the specimen using the UAEU
shake table at four different intensity levels. The acceleration and displacement
histories of the input record at each of the adopted intensity levels are presented in
Figure 6.26.
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6.7 Dynamic Response Simulations of Test Specimen
Before conducting the shake table testing, the specimen is modeled using the
ZEUS-NL platform, as shown in Figure 6.27. Shear performance assessment is
conducted using time history analysis under the effect of the far-field earthquake
record Loma Prieta-Emeryville. Shear response of the specimen is assessed as per the
Priestley et al. (1994), Howser et al. (2010), Sezen and Moehle (2004), and ACI-318
(2008) strength models at four intensity levels of the input ground motions, namely
one, four, seven and eight times the design PGA. Sample results of the shear
response assessment of the test specimen columns under the effect of the abovementioned four intensity levels are presented in Figure 6.28. It is noteworthy that the
columns are denoted C12 and C16 as per their longitudinal reinforcement (i.e. No.12
and No.16 rebar, respectively), as previously discussed. As, previously discussed in
Chapter 4, the shear failure criterion adopted in the present study is based on
exceeding the shear supply recommended by Priestley, Howser and Moehle.
Therefore, the first indication of shear failure is observed as per the Priestley and
Howser models at eight times the design PGA in Column C16. Shear strength is
influenced by the axial load variation without observable effects from the ductility
demands. Shear failure is not detected in the C12 column that has steel reinforcement
No. 12 at all the selected PGA levels, as shown in Figure 6.28.

Figure 6.27: Fiber based model of the test specimen used for dynamic response
simulations
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The development of plastic hinges and crushing in concrete core is also
monitored. The plastic hinging occurs when the strain of the main longitudinal steel
reinforcement exceeds the yield strain of steel. Crushing in concrete is considered
when the strain of the confined concrete exceeds the crushing strain of concrete,
which is determined using the Mander et al. (1988) concrete model. Table 6.9
summarizes the results of monitoring yielding, concrete crushing and interstory drift
ratios for the specimen under the effect of Loma Prieta-Emeryville at different
intensities. Unlike the shear failure, the first plastic hinge occurs in Column C12 at
nine times the design PGA, while the concrete crushing is observed at ten times the
design PGA. The plastic hinges and concrete crushing distributions at nine and ten
times the design PGA are shown in Figure 6.29.
Table 6.9: Summary of monitoring plastic hinges and concrete crushing at different
intensity levels
Intensity level
d
4d
7d
9d
10d

Plastic hinges
Non
Non
Non
Yes
Yes

Concrete crushing
Non
Non
Non
Non
Yes

ID (%)
0.11
0.53
0.84
1.2
1.41

d: one times the design intensity (PGA= 0.16)

Plastic hinges

Concrete crushing

Nine and ten times the design PGA

Ten times the design PGA

Figure 6.29: Plastic hinge and concrete crushing distributions in the test specimen
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The data recorded from the strain gauges bonded to the longitudinal and
transvers steel bars of the columns are presented in Figure 6.31 to Figure 6.38 for the
Frame#1 and Frame#2, respectively. Under the effect of the four earthquake intensity
levels adopted in the shake table testing, the strains in the reinforcing steel are plotted
versus the time of the input ground motion. The maximum strains are recorded in the
longitudinal steel of the columns near the beam-column or strap beam-column
connection. It is also shown that the steel reinforcement exhibits minimal strains at
the design and four times the design intensity levels (i.e. PGA of 0.16 and 0.64 g,
respectively), while they increase with increasing the input ground motion intensity
to seven and eight times the design (i.e. PGA of 1.12 and 1.28 g, respectively). The
maximum captured strain in reinforcing steel is 1800 µ under the effect of eight
times the design PGA. It is noteworthy that no plastic hinges are observed in the
specimen throughout testing because the strains in the steel bars are less than the
yield strain. The tensile test results of reinforcing steel coupons indicated that the
yield strain of steel (ԑy) is 2975 µ. The results are consistent with those observed
from the dynamic response simulations, as previously discussed.
Moreover, the acceleration histories are recorded using the six TML® ARJ100A-T and ARJ-200A-T accelerometers under the effect of the four intensity levels,
as shown in Figures 6.39 and 6.40 for Frame#1 and Frame#2, respectively. It is
shown that for different intensity levels, the maximum acceleration is recorded at the
top of each frame in the shake table moving direction (X), while the accelerations in
other directions are minor. A maximum acceleration of 4.2 g at the top of the
specimen is observed during shake table testing under eight times the design
intensity (PGA of 1.28 g).
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No cracks are observed in the specimen up to four times the design intensity,
while minor cracks in the concrete cover are observed at seven times the design
intensity. After conducting the shake table test under the effect of eight times the
design PGA, a number of hair diagonal cracks are recorded in the Columns C16,
which are reinforced with steel bars No. 16. The development of such cracks is
mainly observed at the top and bottom of the columns, as shown in Figure 6.41.

a) Bottom of column

b) Top of column
Figure 6.41: Diagonal cracks in Columns C16
6.9 Comparison of Test Data with Simulation Response
The shake table test results are compared with the dynamic response
simulations of the test specimen that was conducted using Zeus-NL. Under the four
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input ground motion intensities, the main parameters of the comparison are top
acceleration, top and base displacement and reinforcing steel strain, as presented in
Figure 6.42 to Figure 6.45. Also, the maximum base shear and interstory drift ratio
are calculated and presented in the above-mentioned figures. It is shown that shake
table test results are comparable to those obtained from simulations, especially
regarding the acceleration and displacement results. Small differences are generally
observed between the tests and simulations for the strains in reinforcing steel due to
the locations of the strain gauges, which are slightly different that those defined in
the dynamic response simulations at specific Gauss sections. However, it is shown
from the comparisons that the maximum strain values are almost comparable. It is
noteworthy that the differences between the base shear of the test specimen obtained
from the dynamic response simulations and that observed from shake table testing
are 4%, 13.3%, 0.5% and 1.33% under the effect of the four earthquake intensity
levels (1D, 4D, 7D and 8D), respectively. These differences are indeed within the
acceptable margin of error.
The main objective of the shake table testing is to verify the selected shear
strength models for the vulnerability assessment of substandard buildings. Therefore,
shear response of the specimen is assessed from the shake table test results under the
effect of the four adopted intensity levels. Shear supply is monitored for each column
as per the Priestley et al. (1994), Howser et al. (2010), Sezen and Moehle (2004), and
ACI-318 (2014) shear strength models. Shear response obtained from the shake table
testing is compared with that predicted by the dynamic response simulations for
Columns C16 and C12, as shown in Figures 6.46 and 6.47, respectively.
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As previously discussed in Chapter 4, the shear failure criterion adopted in
the present study is based on exceeding the shear supply recommended by Priestley,
Howser and Moehle. It is shown from the comparisons of the shear response for
Columns C16 and C12 obtained from the shake table testing and dynamic response
simulations in Figures 6.46 and 6.47 that shear failure is detected in C16 at eight
times the design PGA as per the Priestley and Howser models. Shear failure is not
observed in the column provided with reinforcing steel no. 12 as per all of the
selected shear models under the effect of the four intensity levels, as shown in Figure
6.47. This is justified by the fact that, unlike C12, increasing the longitudinal
reinforcement increases the flexural capacity of the C16 column, and hence increases
its susceptibility to shear failure. The shear strength of the tested specimen is
influenced by the variation in axial loads without any observable effects from the
ductility demands.
The selection of improved limit states criteria and the derivation of revised
fragility curves for ten reference pre-code and modern buildings, as discussed in
Chapters 4 and 5, were based on the shear strength models that are verified using the
confirmatory shake table testing. The consistent results from both the shake table
testing and dynamic response simulations support the limit states criteria adopted in
this study for the vulnerability assessment of RC buildings.
6.10 Concluding Remarks
Shaking table testing was conducted in this study as a confirmatory
experiment for shear vulnerable RC specimen representing the framing system of 2story substandard building. The prototype structure was designed as a pre-code
building to resist gravity and wind loads only. The test specimen composed of two
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frames, each one consisted of two RC columns interconnected with a beam and
supported on strap beam. The test specimen was scaled to half of the prototype
framing system in geometric dimensions. The specimen supported an equivalent
mass, taking into consideration the scaling factor of the specimen. The specimen was
subjected to an input ground motion representing a far-field earthquake scenario with
four increasing intensity levels.
Before conducting the shake table testing, the specimen was modeled using
the ZEUS-NL platform and shear performance assessment was conducted using time
history analysis. The first indication of shear failure was predicted as per the
Priestley and Howser models in the columns provided with reinforcing steel No.16 at
eight times the design PGA. The first plastic hinge was predicted at nine times the
design PGA in the columns provided with steel reinforcement No. 12, while the
crushing in the concrete core was detected in the same columns at ten times the
design PGA.
The shake table testing was conducted under the effect of the selected input
ground motion at four different intensity levels, namely one, four, seven and eight
times the design PGA. Extensive data obtained from the dense instrumentations was
captured, processed and plotted for each intensity level of the earthquake record and
the two frames of the test specimen. No plastic hinges were observed in the specimen
at all intensity levels because the strains in the steel bars were less than the yield
strain. Diagonal cracks were observed in the columns of reinforcing steel bars No.
16, mainly at the top and bottom of the columns.
The comprehensive shake table test results of the specimen were compared
with those obtained from the dynamic response simulations in terms of acceleration,
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displacement, steel strain, base shear and interstory drift ratio. Finally, the shear
response of the specimen was assessed from the shake table test results at four
intensity levels and compared with that predicted by the dynamic response
simulations. The first indication of shear failure was detected in the columns of
reinforcing steel No.16 at eight times the design PGA as per the Priestley and
Howser models. The shear response of the specimen observed from the shake table
testing was generally comparable to that predicted by the dynamic response
simulations. The small differences between the experimental results and simulations
were within the acceptable margin of error. The consistent results obtained from both
the shake table testing and dynamic response simulations verified the shear strength
models and limit states adopted in this study and confirmed the reliability of the
performed vulnerability assessment and developed fragility curves, particularly for
RC frame buildings. Future research needs to focus on the final verifications of the
shear strength models of shear walls and core walls using confirmatory shake table
testing.
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Chapter 7: Summary and Conclusions
7.1 Synopsis
This study focused on the earthquake vulnerability assessment of a diverse
range of frame and shear wall buildings that represented substandard and codedesigned RC structures in the UAE, taking into consideration the reliable definition
of performance limit states and shear failure modes. The research also included
confirmatory shaking table testing to provide further insights regarding the shear
response of RC members under cyclic loading and the suitable shear strength models
for the prediction of shear failure. This study included the following main tasks to
achieve the study objectives:
i. Selection of Reference Structures and Verification of their Design and Modeling
Ten reference structures were selected in this study to represent pre seismic
code and code-conforming RC buildings in regions of medium seismicity. Five precode RC buildings of 2, 8, 18, 26 and 40 stories were selected from a previous study
and their design was verified, particularly regarding the shear reinforcement as per
the design code. The five pre-code buildings were designed to resist gravity and wind
loads only. Moreover, five additional code-designed buildings, ranging from 10 to 50
stories, were selected from a previous research project. The latter five buildings
represent modern structures that were deigned to resist gravity, earthquake and wind
loads. The steel reinforcement of structural members was verified in the current
study, particularly the shear reinforcement. The inelastic fiber-based numerical
models of the selected ten reference structures were verified and used for the
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vulnerability assessment study conducted in this research for pre-code and codedesigned buildings.
ii. Selection and Implementation of Shear Supply Models in a Postprocessor
Different shear strength models, which have proven to account for the
reduction of shear supply with the degradation in concrete strength under cyclic
loading, were reviewed in this study. The shear supply models were implemented in
a postprocessor to monitor the shear capacity and seismic demand. The postprocessor
traced the continuous variations of forces and deformations in the assembly of
elements representing structural members during inelastic dynamic simulations. The
yield curvature was calculated at different critical sections and employed to estimate
the instantaneous ductility, which is required to realistically evaluate the shear
supply. This provided insights into the supply-to-demand shear ratio of different
structural members under earthquake loading.
iii. Performance Assessment of Pre-Code Structures under Various Seismic
Scenarios
The vulnerability and shear performance assessment of the selected five precode structures were conducted using both the inelastic pushover analysis (IPA) and
time history analysis (THA). Two seismic scenarios representing far-field and nearsource earthquakes were adopted, seven earthquake records each. Limit state criteria
were selected based on THA results and accounted for the impact of shear response
from different earthquake scenarios. Improved fragility curves were developed for
pre-code structures, taking into consideration the improved limit states selected in the
present study.
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iv. Performance Assessment of Modern Structures under Multi-Axial Earthquake
Loading
The vulnerability and shear performance assessment of the five codedesigned buildings were conducted using IPA and THA. The significance of the
horizontal and vertical components of ground motion on the shear response of the
five reference structures was also assessed. A set of earthquake records representing
a near-source seismic scenario was selected and divided into two groups. The first
group represented the horizontal components (HGMs) of the adopted records while
the second group was for their vertical components (VGMs). Based on the current
performance assessment, limit state criteria were selected based on THA results,
considering the impact of shear failure modes under the effect of multi-axial
components of earthquake records. Fragility curves were developed for modern shear
wall structures based on the revised limit states of the present study.
v. Confirmatory Shaking Table Testing
Comprehensive shake table testing was conducted in this study for shear
vulnerable RC specimen representing the framing system of a 2-story pre-code
building. The prototype structure was designed to resist gravity and wind loads only.
The test specimen was scaled to half of the prototype structure in geometric
dimensions. The specimen supported an equivalent mass, taking into consideration
the scaling factor of the specimen. The test specimen was subjected to an input
ground motion representing a far-field earthquake record with four increasing
intensity levels. The specimen was also idealized using the fiber-based modeling
approach and shear performance assessment was conducted using THA. The
comprehensive shake table test results of the specimen were compared with those
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obtained from the dynamic response simulations in terms of acceleration,
displacement, steel strain, base shear and interstory drift ratio. The shear response of
the specimen was also assessed from the shake table test results at four intensity
levels and compared with that predicted by dynamic response simulations.
7.2 Conclusions
This research assessed different shear prediction approaches of RC structural
members analytically and experimentally and employed verified shear strength
models for the seismic vulnerability assessment of a diverse range of both
substandard and modern RC structures. Based on the comprehensive results of this
research work, the following conclusions are drawn:
i. Performance Assessment of pre-code Structures under Various Seismic Scenarios
The inelastic dynamic response simulation results indicated that shear failure
was only observed in the 8-story frame building under the effect of near-source
events. The shear wall substandard structures were vulnerable to shear failure under
the effect of both near-source and far-field seismic events. For the tall shear wall
buildings (i.e. 40-story structure), the influence of shear assessment on the
performance limit states was more significant under the effect of near-source
earthquake records compared with far-field seismic events. For the relatively midrise shear wall structures (i.e. 26 and 18-story buildings), the impact of shear
response on the results obtained from both far-field and near-source earthquake
scenarios was observable. Therefore, earthquake scenario-structure-based limit state
criteria were selected to quantify the level of the damage of pre-code buildings.
Comprehensive fragility relationships were derived considering the improved
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performance limit states using both the far-field and near-source earthquake
scenarios. The seismic vulnerability relationships indicated that the CP and LS limit
state exceedance probabilities significantly increased when the improved
performance limit states and shear response were considered, particularly for the
relatively medium-rise shear wall structures. The results confirmed that the damage
probabilities of pre-seismic code buildings increase with decreasing the building
height.
ii. Performance Assessment of Code-Conforming Structures under Multi-Axial
Earthquake Loading
The dynamic response simulations indicated that shear failure was detected in
the code-designed shear wall structures under the effect of HGMs as well as both
horizontal and vertical ground motions (HVGMs). For the tall buildings (i.e. 50 and
40-story structures), the impact of shear assessment on the performance limit states
was marginal under the effect of HGMs and HVGMs. For the 30-story building, the
influence of shear assessment on the performance criteria was shown only under the
effect of HVGMs. For the 20 and 10-story buildings, the effects of shear assessment
on the results obtained from HGMs as well as HVGMs were observable, and thus
revised limit states were selected for both input ground motion sets. The vulnerability
assessment of the five reference code-conforming structures indicated that the LS
and CP limit state exceedance probabilities increased when HVGMs were
considered, especially for low to medium-rise modern shear wall structures (i.e. 10 to
30-story buildings). The results also confirmed that the damage probabilities of codedesigned shear wall buildings increase with decreasing the building height.

209
iii. Confirmatory Shake Table Testing
The pre-test dynamic response simulations indicated that the first indication
of shear failure was detected at eight times the design PGA by both the Priestley and
Howser shear strength models in the columns provided with a higher longitudinal
steel ratio. This is due to increasing the longitudinal steel ratio and flexural capacity,
and hence increasing the column susceptibility to shear failure. The first plastic hinge
was detected at nine times the design PGA in the columns provided with a lower
longitudinal steel ratio, while the crushing in the concrete core was detected at ten
times the design PGA. The comprehensive shake table results indicated that the
strains in all steel bars were less than the steel yield strain, confirming that no plastic
hinges were formed in the specimen up to eight times the design PGA. Diagonal
cracks were observed in the columns provided with a higher reinforcing steel ratio at
eight times the design PGA, mainly at the top and bottom of the columns. The first
indication of shear failure from the shake table test results was well-predicted by
both the Priestley and Howser shear strength approaches. The shear and flexural
response of the specimen observed from the shake table testing was comparable to
that predicted by the pre-test dynamic response simulations. Future research needs to
focus on providing final verifications for the shear strength models of shear walls
using confirmatory shake table testing. The consistent results obtained from both the
shake table testing and dynamic response simulations verified the adopted shear
strength models (i.e. Priestley and Howser approaches) and limit states and
confirmed the reliability of the developed fragility curves in this study, particularly
for frame structures.
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7.3 Recommendations for Future Research
The following are recommendations for future research related to the
vulnerability assessment of RC buildings under earthquake loading based on the
conclusions of the current study:
1. Additional shake table testing is highly needed to verify the limit states of
different structural systems, particularly those relying on shear walls and core
walls, aiming at selecting improved performance criteria for high-rise buildings.
2. It is recommended to study the global and local impacts of different retrofit
techniques on the RC specimen tested in the present study, aiming at selecting
the most efficient and cost-effective retrofit approach for mitigating the seismic
losses of RC substandard structures in the UAE.
3. Shear performance assessment is needed for a wide range of structures,
particularly the pre-code buildings in the UAE, under the effect of combined
horizontal and vertical components of ground motions.
4. It is recommended to study the impact of shear assessment on the limit state
performance criteria and fragility relationships of substandard structures provided
with different seismic retrofit techniques.
5. Comprehensive vulnerability assessment considering shear performance is highly
needed to cover bridges, emergency and government facilities, industrial
structures and infrastructure.
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